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Abstract
The economic impact of earthquakes has spurred the implementation of performance-based
design to mitigate damage in addition to protecting human lives. A developing trend is to
consider damage directly as a measure of seismic performance. In spite of the ability to
estimate the cost of future earthquakes, adjusting the investment in seismic upgrades is
impeded by the computational requirements of the probabilistic damage assessment. In this
dissertation, we develop the damage assessment tools needed to implement structural
optimization with an estimate of lifetime seismic damage in the objective function.
A parametric study of the procedure to predict damage from earthquake simulation results is
presented. By varying the procedure and analyzing the effects on the damage estimate, we
identify simplifications that are beneficial for practical applications without losing important
information about the behavior of the structure under seismic loads.
The runtime of the probabilistic damage assessment is dominated by the response analysis of
the structure to a range of earthquake scenarios. We consider alternatives to the standard but
expensive nonlinear dynamic analysis, and we evaluate the error introduced by the faster
analysis methods. The applicability of linear dynamic analysis is further investigated by
detailing the effects of structural nonlinearities on the lifetime damage assessment. We
determine that these effects are limited for the performance-based designed buildings, whose
responses to the moderate but more frequent earthquakes remain essentially elastic.
An application to the placement and sizing of viscous dampers in building frames is
presented. A first procedure seeks the optimal trade-off between the investment in damping
and the losses due to future earthquakes. For each level of damping considered, another
optimization problem is solved to determine the most efficient damper layout considering
the results of the damage assessment in a true performance-based design process.
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Chapter 1 Introduction
1.1 Performance-Based Earthquake
Engineering
Earthquakes remain a major risk for the population in various regions of the world. Despite
the catastrophic and highly-publicized tsunamis triggered by the Indian Ocean Earthquake in
2004 or the Tohoku Earthquake in 2011, the vast majority of earthquake-related casualties in
the past 40 years were caused by the direct effects of ground motion on the built
environment (Marano et al. 2010). With the world's population growth concentrated in
poorly-constructed urban areas, the global seismic risk is currently increasing (Spence 2009).
The importance of design and construction quality was emphasized in 2010 when two major
earthquakes hit Haiti and Chile 6 weeks apart. Comparing the consequences of different
earthquakes is difficult, as each event is unique in ground motion characteristics and
population exposure. However, the limited death toll in Chile for a more powerful
earthquake was unequivocally due to the higher economic development of this country
(Nguyen and Corotis 2011). In Haiti, the poor construction quality magnified the effects of
the earthquake to make it one of the deadliest in history (Baldridge and Marshall 2011).
In developed country areas subjected to high seismic activity such as California, most of the
existing constructions are the product of standards that require designing for earthquakes of
large magnitude. The stringent building codes in place in California aim at preserving human
life, and they have been successful in that regard. The major earthquakes that hit densely-
populated areas in California at the end of the 20* century - Whittier Narrows 1987, Loma
Prieta 1989 and Northridge 1994 - resulted in low death tolls because few structures
collapsed.
These earthquakes, however, had a tremendous economic impact on the affected areas with
widespread damage and the necessity to close down structures for repairs. In the aftermath
of these events, the need to limit damage in addition to protecting human lives motivated
the development of performance-based design.
In performance-based design, it may be decided that a structure should perform better than
what the codes require for life-safety. Following code provisions is not sufficient to achieve
these objectives, and a proposed design must be validated by analyzing its performance. The
distinction between code-based and performance-based design is fading away as
performance-based concepts are being incorporated in an industry that continues to rely
11
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primarily on design codes. Still, the explicit evaluation of performance through analysis
remains a distinctive feature of performance-based design.
Guidelines on performance-based earthquake engineering have been developed to
disseminate its safe practice in the industry (Hamburger 2007). The retrofit of older
buildings designed to lower standards was given priority, resulting in standards to assess
(ASCE 31, 2003) and upgrade (ASCE 41, 2006) existing structures. In practice, these
standards are also applied to the design of new structures.
Ongoing efforts to develop new design standards focus on both the fundamental and
practical aspects of performance-based earthquake engineering (Applied Technology Council
2006). The need to improve the accuracy of the performance estimates and to quantify the
level of conservatism throughout the design process has been pointed out. On a more
practical level, progress must be made in the implementation of the performance assessment
tools in design offices and their use in decision-making. Overviews of the future standards
addressing these issues have been released (Applied Technology Council 2009). The new
guidelines will promote high-end computer simulation, an explicitly probabilistic approach to
performance evaluation and the use of different metrics - such as damage - to communicate
with decision-makers.
1.2 Earthquake Damage Assessment
The scope of this dissertation is limited to buildings. Limits on the floor displacements and
accelerations under selected ground motion are typical design constraints for buildings in
performance-based earthquake engineering. An alternative is to limit the damage that a
building sustains when its structure deforms. Sues et al. (1985) derived a measure of damage
from the deformation of the structure and proposed to consider increasing levels of ground
motion weighted by decreasing probabilities of occurrence. The same approach is adopted in
methods that are presented as the future of performance-based design and currently being
developed to estimate the damage that a building sustains over its lifespan. The delay in the
development of lifetime damage assessment is largely explained by the only recent interest of
the industry for this measure of performance.
Early damage assessments focused exclusively on structural damage. Structural components
have been extensively tested to determine the forces and deformations that threaten the
integrity of the component and of the larger structure. With the need to control damage in
addition to preventing collapse, laboratory testing and other data collection efforts now
focus on nonstructural components as well (Filiatrault et al. 2011). These components are
essential in a comprehensive damage assessment since they can account for up to 80% of a
building's value. The nonstructural components also tend to be more fragile. Nonstructural
damage can occur at low earthquake intensity, under which the structural members designed
to survive larger events remain intact.
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The Pacific Earthquake Engineering Research (PEER) center is a major contributor to the
development of seismic damage assessment. PEER proposes to work within a framework
that isolates the seismic hazard at the site, the response of the structure, and the induction of
damage (Cornell and Krawinkler 2000). This approach facilitates the implementation of
damage assessment and the organization of the research efforts to support it. The PEER
framework is now widely used for research purpose. It has contributed to providing the
earthquake engineering community with the analysis tools and the data needed to produce
meaningful estimates of damage (Hamburger 2009), despite the many sources of uncertainty.
Performing a comprehensive assessment of lifetime seismic damage remains a challenge that
is primarily taken up in academia, with detailed examples made available in the literature
(Ramirez et al. 2012; Shoraka et al. 2012). These examples evaluate existing or planned
structures but do not steer any design process toward damage mitigation. Informing design
decisions with estimates of damage is a necessary step in the development of performance-
based design (Augusti and Ciampoli 2008). This has not yet been achieved, partly due to the
complexity and computational cost of damage assessment.
Simplified implementations of the damage assessment procedure have been proposed by
PEER, with an approximate tool for conceptual design (Krawinkler et al. 2006; Zareian 2006)
or a system to resolve the damage estimate graphically (Mackie and Stojadinovic 2006). With
these tools or equivalent simplifications, the damage assessment is only sensitive to the
overall properties of the structure. Their application is therefore limited to conceptual
design, where drastically different options are compared. A relevant example is the
comparison of a code-based and performance-based designs for the same building (Lagaros
et al. 2006). Other examples include the comparison of structural systems (Tagawa et al.
2008) and the assessment of the life-cycle benefits of damping (Takahashi et al. 2004) and
base isolation (Goda et al. 2010). The latter two studies concluded that it is worth investing
in structural upgrades considering the future savings on post-earthquake repairs.
1.3 Proposal for Design Optimization
Case studies comparing the life-cycle cost of standard and improved structures have
confirmed that the long-term benefits of seismic mitigation can outweigh its initial cost.
There are various fundamental options to mitigate the effect of earthquakes on buildings.
Components may be reinforced or stiffened to prevent local failure, and a range of isolation,
damping, and active and semi-active control strategies can be used to limit the overall
structural response. Each mitigation method can then be implemented to various degrees,
and several methods can be combined. With the abundance of options and the ability to
evaluate lifetime damage for each of these options, seismic mitigation can be approached as
an optimization problem. The objective is to minimize a total seismic cost that includes the
investment in mitigation and the losses due to future damage.
13
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Approximate damage assessments performed at the conceptual design stage may be
sufficient to select one of the fundamental seismic mitigation methods. This type of decision
must also consider factors other than the seismic cost, such as the availability of the
technology, the experience of the engineering team, and the regulatory environment. A
formal optimization process becomes relevant when it comes to implementing the chosen
mitigation method. The cost of implementing mitigation on a particular building varies with
the number and characteristics of the required components, their ease of installation, and
their negative impact on the value of the usable space. While this investment is relatively easy
to quantify, its long-term benefits are measured as a decrease in the estimate of lifetime
damage, a quantity that is not yet familiar to the structural engineering community. Even the
order of magnitude of the investment needed to effectively decrease the future losses
without over-designing is not common knowledge. It depends not only on the structure of
the building, but also on its site and its importance to the owners or to society. Minimizing
the total seismic cost is proposed as a strategy to determine what an appropriate investment
should be.
We formulate the following two requirements for a design optimization method that
minimizes the seismic cost:
m The optimization variables must be practical engineering parameters. The solution of
the optimization process should not only provide a value for the optimal investment
in seismic mitigation. It must also describe how mitigation is to be implemented on
the structure by specifying the locations and properties of the structural members or
other devices to be added.
= The lifetime damage in the objective function must be evaluated with a rigorous
probabilistic damage assessment. We may assume that a comprehensive damage
assessment will be performed on the final design, perhaps to compare it to other
proposals, or by an insurance company to adjust prices. To identify the optimal
solution, equivalent damage assessments must be performed during the optimization.
Genetic algorithms have been applied to seismic design optimization with life-cycle cost
considerations. The problems that have been considered include the design of steel frames
(Liu et al. 2004; Fragiadakis et al. 2006; Rojas et al. 2007), the design of concrete frames
(Fragiadakis and Papadrakakis 2008) and the placement of viscous dampers (Dargush and
Sant 2005; Dogruel and Dargush 2008; Dogruel 2009). An exception is the use of simulated
annealing for steel frame sizing by Li et al. (2012). These examples confirm that investing in
seismic mitigation is economically beneficial, but they do not meet the above requirements
for practical design optimization. The structures being optimized are too idealized and the
evolutionary methods too complex or inefficient for practical applications. A review of
optimization examples available in the literature is included at the start of Chapter 5.
This dissertation focuses primarily on the damage assessment method to be used during the
optimization process to evaluate the seismic cost objective function. From the above
14
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requirements on optimization, we formulate the following requirements on the damage
assessment method:
" The damage assessment method must operate on a full structural model of the
building. This is necessary to use practical engineering parameters as design variables,
so that the optimal solution describes how seismic mitigation should be applied to
the building. In addition, a damage assessment method relying on a full structural
model is easier to implement in a design office as an addition to existing software.
Engineers lack the resources and expertise to idealize structures in a way that is
relevant for damage assessment and design optimization, when this is even possible.
= The damage assessment method must be computationally efficient. No analytical
expression is available to estimate damage with the degree of complexity considered.
Optimization is therefore an iterative process that requires a number of evaluations
of the objective function, that is, a number of repetitions of the damage assessment
procedure. The time required to perform each assessment affects the scope of the
problems that can be solved or the optimality of the solution. A fast method is also
more likely to be implemented in practice, where time is limited.
= The damage assessment method must be accurate with respect to a reference
method. Estimates of lifetime damage obtained with state-of-the art probabilistic
methods remain uncertain due to the missing or doubtful data on earthquake hazard
and on building fragility. However, in order to use damage assessment in
optimization, it's the procedure and not the data that needs to be simplified. The
error introduced by the procedure simplifications should be minimized and
quantified, so that accurate damage assessments can be produced when refined data
becomes available.
1.4 Organization of Dissertation
The core of this dissertation is the analysis of the damage assessment methodology and the
formulation of a practical implementation for design optimization.
Chapter 2 details a procedure that turns earthquake simulation results into an estimate of
lifetime damage. The chapter is organized as a sensitivity study for this procedure. Different
implementations are considered for each step, and we determined the effect of varying these
steps on the damage estimate resulting from the full procedure. Based on the results of the
sensitivity study, we propose a practical procedure for damage assessment in design
optimization. Its key features are to consider the peak ground acceleration as measure of
earthquake intensity, to describe the response of the structure to each earthquake with a
single pair of parameters at each floor, and to determine damage for each earthquake
separately before averaging over the different earthquakes.
15
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Chapter 3 focuses on the structural response analyses performed as part of the damage
assessment procedure. As a reference, we select the expensive but accurate nonlinear direct
integration method recommended by the guidelines on performance-based design. Linear
static and dynamic methods are considered as faster but approximate alternatives, and the
error introduced on the damage estimate by the simpler methods is evaluated. Linear
dynamic analysis is identified as a promising candidate to support optimization.
In Chapter 4, the comparison between the linear and nonlinear dynamic analysis methods is
further developed with a study of how nonlinearities affect the damage assessment. The
sensitivity of the damage assessment to the presence of nonlinearities and to the nonlinear
modeling method is quantified. We conclude that the nonlinearities have a limited effect on
the estimated damage for the structures that implement seismic mitigation. Linear dynamic
analysis is confirmed for use in design optimization, under some conditions.
Chapter 5 presents an application of the proposed damage assessment method to the
optimal placement and sizing of viscous dampers in steel frames. An inner-outer formulation
of the problem is used to minimize the number of damage assessments performed in the
solution process and to allow the use of systematic, non-heuristic algorithms. The method is
shown to solve real-size design problems in a fraction of the time required by the heuristic
optimization techniques.
Chapter 6 summarizes the contributions and potential impact of the work presented in this
dissertation. Further research needed to shift performance-based seismic design from
collapse prevention to damage mitigation is proposed in conclusion.
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Assessment Method
A method to quantify the damage that a building is likely to sustain over its lifetime is
presented in this chapter. We propose and discuss a specific, design-oriented implementation
of an approach to lifetime damage assessment borrowed from the Pacific Earthquake
Engineering Research center. This chapter does not cover the first step of the methodology,
which consists of simulating the response of the structure to a range of seismic loads. We
start by focusing on how the earthquake simulation results are processed into a lifetime
damage assessment, as we rely on that procedure to evaluate various earthquake simulation
methods in Chapter 3.
2.1 Introduction
This section introduces the approach to seismic performance evaluation upon which the
research presented in this dissertation is built. Important functions and terminology are
defined, and the strategy to develop a practical damage assessment procedure based on this
methodology is presented.
2.1.1 PEER Framework Equation
The Pacific Earthquake Engineering Research (PEER) Center is a consortium of 20 research
and educational institutions located in the western U.S. It was founded in 1996 with the
objective of developing the tools needed to support the practice of performance-based
earthquake engineering. Performance-based engineering relies on the ability to evaluate the
true performance of what is being designed. Specific performance assessment tools were and
still are needed in the field of civil engineering, where the traditional practice is to consider
worst-case scenarios that lead to conservative estimates of performance. PEER has produced
practical tools such as the Open System for Earthquake Engineering Simulation (OpenSees)
software (Der Kiureghian et al. 2006), which was used extensively for the studies presented
in this dissertation. PEER also developed performance assessment capabilities at a theoretical
level to better predict the behavior of structures under seismic loads. Researchers at PEER
went a step further by proposing a different approach to performance evaluation. The novel
approach not only considers a broad set of potential earthquakes, but it also takes into
account a range of earthquake intensities. In particular, the low-intensity earthquakes that do
not jeopardize the structure are now also considered on the argument that they can still
17
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cause significant nonstructural damage. Following up on this idea, structural response is
replaced by a measure of damage as the metric of seismic performance. The amount of
damage that a structure is expected to sustain over its lifetime is determined by associating
an occurrence probability with each earthquake scenario considered. The so-called PEER
framework equation (2.1) is a fully probabilistic formulation of this approach to seismic
performance evaluation. The framework was first introduced by Cornell and Krawinkler
(2000), and a detailed study of the method with a comprehensive application example was
proposed by Aslani (2005). Several variants of the equation may be found in the rich
literature produced by PEER, and the formulation presented below is consistent with the
notation and the terminology used in this dissertation.
d = J f lp(l I r)p(r I s)n(s)dldrds (2.1)
where d average expected annual damage (simply called annual damage)
1 loss (measure of damage, as a fraction of the replacement value)
r structural response parameter (story drift or floor acceleration)
s ground motion intensity (peak ground acceleration or spectral acceleration)
plI r) fragility density function
p(r I s) response density function
n(s) annual exceedance frequency density of the ground motion intensity
Damage is quantified as a fraction of the replacement value of the system experiencing
damage. When the equation is applied to the performance assessment of a building, the
systems subjected to damage include the structural and nonstructural components, but also
the building contents or even the revenues generated by the building. Human casualties can
constitute another damage system or be treated separately. The latter option is preferred in
this dissertation because of the proposed application to design optimization. A performance-
based designed building must still meet the code requirements that aim at ensuring life-
safety. Casualties can therefore not be balanced with the investment in seismic mitigation.
The structural response parameter is a measure of the structure's motion and deformations
that controls the level of damage. Typical response parameters are the peak interstory drift
ratio and the peak floor acceleration experienced over the duration of an earthquake.
Unlike some global metrics such as the moment magnitude scale, the ground motion
intensity used in the framework equation does not characterize an entire seismic event. It is,
instead, specific to the ground motion recorded at a particular location. The peak ground
acceleration or the spectral acceleration for a particular period and damping ratio are
possible measures of the earthquake intensity.
The fragility density function p(l Ir) relates probabilistically the amount of damage sustained
by a system to the structural response parameter governing damage in that system. Similarly,
the response density function p(r I s) relates the value of a structural response parameter to
the intensity of the earthquake that induces structural response.
18
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d d
p(llr) - P(L > lI r) p(r l s) = P(R > r l s) (2.2)dl dr
where P(L >1 I r) probability that the damage (or loss) exceeds 1 after an earthquake
inducing a structural response r
P(R > r s) probability that the response parameter exceeds r during an
earthquake of intensity s
The annual exceedance frequency density n(s) is a differential measure of the frequency at
which earthquakes of different intensities occur at a particular location. It belongs to the
category of the hazard functions. Because this hazard function quantifies the occurrence of
earthquakes on an annual basis, the framework equation (2.1) resolves to the average
expected annual damage. This is the amount of damage expected on average over many one-
year periods. In the following, this quantity is simply referred to as the annual damage. The
stakeholders in a construction or retrofit project are certainly more interested in an estimate
of damage over the lifetime of the building. Determining the annual damage allows
discounting the cost of repairs or replacements associated with earthquakes occurring at a
later time. In the following, the annual damage is treated as a cash flow normalized to the
value of the building. The lifetime damage is then calculated as the cumulative present value
of the annual cash flow over the expected lifetime of the structure. Table 2.1 shows the
cumulative present value of a unit annual cash flow over possible building design lifetimes
and for different discount rates. By considering damage as an annual cash flow, we assume
that a building is restored to its undamaged state after each earthquake. This assumption is
debatable. For instance, minor structural damage may be ignored or not even detected. On
the other hand, experiencing significant damage could motivate a full seismic retrofit of the
building, affecting the damage sustained when the next earthquake occurs. These
considerations are primarily economic and do not fall into the scope of this research.
Lifetime damage is only considered in Chapter 5, where it is used to calculate a damage cost
that is balanced with an investment in damping. In the rest of this dissertation, the output of
the damage assessment method is the annual damage.
d L = . =d with r= (2.3)
= (1+ 1-r 1+ (
where d, dL annual and lifetime damage
y structure lifespan (years)
9 discount rate
Table 2.1 - Cumulative present values of a unit annual cash flow over
possible building lifetimes and with different discount rates (q)
Lifetime 9 = 2% e = 5% 9 = 8%
25 years 19.9 14.8 11.5
50 years 32.0 19.2 13.2
100 years 43.0 20.8 13.5
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2.1.2 Fragility and Damage Functions
The PEER probabilistic equation can be partially integrated to construct intermediate
functions that are then treated as deterministic. The functions defined in this section are
referred to as fragility and damage functions, although this terminology has been used in the
literature to designate different entities that are similar but not always equivalent. An
illustration of these functions is presented below in section 2.2.3, where the damage
assessment method is applied to a case study.
Based on the empirical data available, the relationship between the response of a building
structure to an earthquake and the various forms of damage caused in the building by the
earthquake must be described probabilistically. A possible approach is to define a set of
discrete damage states for each type of structural and nonstructural building component.
The damage states of a component may be characterized qualitatively or quantitatively, with
criteria such as the width of a crack in a concrete wall or the ability of a column to carry its
design load. By inspecting buildings after actual earthquakes and by performing laboratory
experiments or computer simulations, a probability of being in or exceeding each damage
state is associated with increasing levels of structural response. Computer simulations and
physical experiments performed in a controlled environment can reproduce results
consistently. However, the many parameters that affect the development of damage in actual
buildings make the probabilistic approach necessary. Figure 2.1 is an example of the set of
probability functions produced by this type of study. The functions shown in this example
correspond to the data compiled by the Hazard U.S. (Hazus) program for the medium-rise
moment-resisting steel frames design to a moderate code level.
P(DS>ds)
Damage State
mModerate
mExtensive
0.25. - Complete
0
0 1 2 3 4 5 6 7 8 9 10
PIDR (%)
Figure 2.1 - Probability of reaching the structural damage states (ds)
for increasing levels of peak interstory drift ratio (PIDR).
Instead of discrete damage states, the PEER framework equation (2.1) features a continuous
measure of damage. This measure corresponds to the fraction a component's original value
that is spent to repair or replace the component after an earthquake and before the next one.
The discrete states can be turned into the continuous quantity by associating a damage value
with each state and considering the sum of the values over all states weighted by the
probability of being in each state (2.4). The weighted sum produces a function that associates
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an expected damage value to any level of structural response. Such function is referred to as
a fragility function in this dissertation. It is dimensionless since it represents a fraction of a
replacement value, which typically ranges from 0 (no damage) to 1 (full damage). Damage
values greater than 1 are sometimes used, for example when a component must be repaired
but would be cheaper to replace or to represent the cost of tearing down a structure that is
damaged beyond repairs.
f(r) = d (P, (r) - P, ( +d P (r) (2.4)
where f(r) fragility function of structural response r
q damage state
No number of damage states
P(r) probability of reaching or exceeding the damage state
d(r) damage value associated with the damage state
The continuous counterpart of (2.4) is to integrate the inner part of the PEER framework
equation over the damage range (2.5). Damage state probabilities and fragility density
functions are not used in this dissertation. We work directly with deterministic fragility
functions, which we construct from data describing the damage states of a system as
described below in section 2.4.4.
f(r)= Jlp(l I r) dl (2.5)
The next term in the PEER framework equation is the response density function, which
relates structural response to earthquake intensity. After pre-multiplication by the fragility
function, this term can be integrated over the structural response range to obtain the
expected damage as a function of the earthquake intensity. This is referred to as a damage
function. Like the fragility function, it represents a fraction of a replacement value, is
dimensionless and typically ranges from 0 to 1 with higher values possible. A damage
function for an entire building can be assembled by combining the functions associated with
its structural and nonstructural components and any other system that experiences seismic
damage. Such a function captures the overall seismic performance of a building. The final
step in integrating the framework equation is to take into account the occurrence of
earthquakes over time, which is no longer a property of the building being evaluated.
d(s)= f f(r)p(r I s) dr (2.6)
r
where d(s) damage function of earthquake intensity s
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2.1.3 Chapter Objectives and Organization
This chapter discusses the practical implementation of the PEER methodology. Its objective
is to propose a computational procedure for the framework equation (2.1) whose hazard,
response, and fragility terms must be specified. The result of the studies presented in this
chapter is an equation that expresses the annual damage from known functions. These
functions may be closed-form or interpolated, in which case the procedure to construct the
function is specified. The development of this practical implementation requires
simplifications from the fully probabilistic approach proposed by PEER. These
simplifications and other implementation choices are justified in this chapter by comparing
them to alternatives based on their effect on the annual damage estimate. A set of
benchmark structures is considered for these comparisons and then used throughout the
dissertation. In some cases, the selection of a particular implementation option is driven by
the application of the procedure to design optimization proposed in Chapter 5. The study of
the other implementation options summarized in this chapter may be of interest to structural
analysts, who could define alternative implementations of the PEER methodology better
suited to their specific needs.
Instead of gradually specifying the terms of the framework equation, this chapter presents a
final formulation first and then discusses alternatives to its various steps. Section 2.2
formulates the damage assessment procedure and provides the standard data needed to
implement it. Each of the following sections focuses on a particular step or piece of data
involved in the proposed procedure. Section 2.3 discusses the size and composition of the
set of ground motion records to which the structure is subjected to determine its behavior
under seismic loads. The fragility model that rationalizes earthquake-induced damage in
buildings is presented in section 2.4. Section 2.5 focuses on the computational process that
uses the fragility model to transform the results of structural response analysis into an
estimate of damage. Finally, section 2.6 presents the hazard model that captures the
occurrence of earthquakes over time for a specific measure of earthquake intensity. The
adequacy of the standard data chosen to study the damage assessment method is assessed in
the relevant sections.
2.2 Proposed Method
A practical procedure to evaluate lifetime seismic damage as defined by the PEER framework
equation is presented in this section. It is followed by a summary of the data used to
implement the procedure on benchmark structures. The procedure and its implementation
data make up the standard damage assessment method that is used in the studies presented
in the rest of this dissertation. The key steps of the method are illustrated on a particular case
study. The procedure and implementation data of the standard method are both justified in
the following sections of this chapter.
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2.2.1 Procedure
The starting point for the proposed seismic damage assessment procedure is a set of
functions describing the response of the structure to a range of ground motion intensities.
These functions are referred to as response functions (2.7) and are constructed through the
process of incremental response analysis, which is discussed in Chapter 3. Each response
function is specific to a ground motion record, an observation point in the structure, and a
type of damage to be determined from the response.
F 8pk(s) i=S,D,N
r.(s)=p L ~()iACI(2.7)
Ot pk(S) i = A, C, I
where i damage system (e.g. S = structural)
p observation point in structure
k ground motion record
s ground motion intensity
ri,k(s) response function
8
,k(s) peak interstory drift ratio function
2 k(s) peak floor acceleration function
The incremental response analysis considers several ground motion records one after the
other. Each record is successively scaled to a set of increasing intensities, and the response of
the structure to each level of intensity is determined by performing an elementary response
analysis. The data points are then assembled into response functions that are specific to the
ground motion record that was being scaled.
The structural and nonstructural components of a building are separated into damage
systems, and each system is sensitive to a particular structural response parameter. A system
experiences damage when its response. parameter exceeds a threshold value. Damage is
governed by the peak interstory drift ratio in drift-sensitive systems and by the peak floor
acceleration in acceleration-sensitive systems. The peak value of a parameter is the maximum
value it reaches over the duration of an earthquake. When performing an incremental
response analysis, both the drift and the acceleration are recorded, producing system-specific
response functions.
The response parameters are usually non-uniform across a building structure at any given
time of its response to ground motion. The activation of multiple vibration modes causes
differences between the floors, and the response can be non-uniform within a floor when
torsional modes are active. To fully capture the behavior of the structure, the response
parameters are observed at multiple points on each floor, and a separate response function is
produced for each observation point.
Structural response is treated as a continuous function of the ground motion intensity. The
incremental response analysis determines the response of the structure to a set of discrete
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intensities from which the response functions are interpolated. The intensity remains a
variable in the intermediate functions of the proposed procedure until the last step, where
the occurrence over time of the different intensities is taken into account to estimate lifetime
damage.
To describe the different types of damage sustained by a building, we consider 6 damage
systems adapted from the Hazus damage model as detailed in section 2.4.2 below. Each
system is identified by a letter that can be substituted into index i. The structural system (S)
and the nonstructural drift-sensitive system (D) are sensitive to drift. A system representing
the income (1) generated by the building is also modeled as drift-sensitive on the assumption
that a building needs to be closed when significant structural repairs must be performed. The
nonstructural acceleration-sensitive system (A), the contents system (C) and the business
inventory system (N) are sensitive to acceleration. There are more damage systems than
governing response parameters. Index i is therefore a notation convenience, and the
incremental response analysis actually produces a response function for each governing
parameter and not for each system. Each system-specific response function is mapped to a
parameter response function, as shown in (2.7) above.
The first processing step is to reduce the number of response functions by considering
average floor responses. For each damage system and ground motion record, a floor-specific
response function (2.8) is obtained by averaging the point-specific response functions over
the observation points of each floor. The loss of structural response information associated
with this operation is quantified in section 2.5 below. It is found unimportant in comparison
to the better picture of the building's behavior provided by the floor-specific response
functions.
rjk(s)= r(s) (2.8)
Pi pe=P
where j floor
Pi set of observation points on floor j
N,; number of observation points on floor
r k(s) response function of the intensity s for damage system i, floor j and ground
motion record k
Damage functions are determined by composing fragility functions with the response
functions. The fragility functions are considered part of the implementation data for the
procedure. Fragility functions are system-specific, but also floor-specific to allow for mixed-
use buildings. A more comprehensive fragility model is presented in section 2.4 below. The
average damage over the ground motion records is calculated, resulting in damage functions
that are no longer record-specific. The importance of converting structural response into
damage before averaging over the ground motion records is discussed in section 2.5 below.
This also characterizes an important challenge in performance-based earthquake engineering:
the consequences of an earthquake on a structure greatly depend on the characteristics of the
particular earthquake, and seismic performance must be estimated considering a broad range
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of seismic events. A damage function (2.9) that is specific to a damage system and a floor is
referred to as an elementary damage function.
1 fdij(s) = N fI (rijk(s)) (2.9)
K k
where rik (s) response function of the intensity s for damage system i, floor j and ground
motion record k
NK number of ground motion records
f (r) fragility function
d (s) elementary damage function
Estimating damage in a particular system or at a particular floor is useful to analyze the
seismic behavior of a structure or to focus retrofit efforts on its vulnerable parts. However,
it is also desirable to define a measure of damage for an entire building. To do so, each
damage system at each floor is assigned a relative value. This value may depend on the
square footage, the type of activity for which the floor is used, or any other technical,
architectural or economic criteria. The building damage function (2.10) is defined as the
average of the elementary damage functions weighted by their relative values.
d(s) = 1 v1 idi(s) (2.10)Z vj 1,j
where vii value associated with damage system i at floor j
d(s) building damage function
The final step of the damage assessment procedure is to take into account the seismic hazard
at the location of the building. The seismic hazard is a description of the frequency at which
earthquakes of different intensities occur over time. It is characterized by a hazard function,
whose parameter is also the intensity of the ground motion. Different hazard functions are
presented in section 2.6.1 below. In the proposed procedure, the hazard function is a
differential form of the annual exceedance frequency because damage is integrated over the
full range of ground motion intensities (2.11). The product of a damage function and a
hazard function is called a damage density function. A damage density function gives the
relative contributions of the small and large earthquakes to the lifetime damage estimate.
d = d(s) n(s) ds (2.11)
s=O
where d annual damage
n(s) annual exceedance frequency density function of the intensity s
d(s)n(s) damage density function
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The proposed damage assessment procedure is summarized below (2.12). It transforms the
response functions obtained through incremental response analysis into an estimate of the
annual damage using fragility functions, damage system and floor relative values, and a
hazard function. The integration bounds on ground motion intensity are not specified in the
rest of this dissertation, but all intensities contributing to damage must be included.
d = 1vv 1 Y~fr1 Nr (s) n(s)ds (2.12)
where riPk(s) response function of the intensity s for damage system i, observation
point p, and ground motion record k
f;;(r) fragility function of the response parameter r
vi value associated with damage system i at floor j
NK, NPi number of ground motion records, and number of points on floor j
n(s) annual exceedance frequency density of the intensity
d annual damage
2.2.2 Standard Implementation Parameters
Several parameters in the above procedure must be specified before it can be applied to the
damage assessment of particular buildings. The procedure parameters include the set of
ground motion records and a way to measure their intensity, the analysis method to
determine the response of the structure to these records, the fragility functions, the relative
values of the different floors and damage systems, and the hazard function.
Some parameters, such as the measure of ground motion intensity, become part of the
procedure and are applicable to the damage assessment of any building. Others parameters,
such as the location-specific hazard function, depend on the building to which the procedure
is applied. In this section, we assign a value to each of the procedure parameters to define
the reference damage assessment method that we need to study the proposed procedure.
The selected reference values are discussed in the relevant sections of this chapter.
For the incremental response analysis, we subject the structure to a set of 16 ground motion
records selected from 4 major earthquakes that occurred in California: San Fernando 1971,
Whittier Narrows 1987, Loma Prieta 1989 and Northridge 1994. The size and composition
of the set of records are discussed in sections 2.3.3 and 2.3.4 below, and the ground
acceleration time histories and response spectra are available in Appendix B.
The peak ground acceleration (PGA) is used to measure the intensity of ground motion. The
choice of PGA over the spectral acceleration quantities is justified in section 2.6.3 below.
During the incremental response analysis, a structure is subjected to each ground motion
record successively scaled to 58 values of PGA. An increment of 1 ft.s2 is considered
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between 1 ft.s-2 and 40 ft.s-2. This range contributes the most to lifetime damage for all
benchmark structures, and the 18 higher PGA values are considered out of theoretical
interest. With the 16 ground motion records selected, a maximum of 928 elementary
analyses are performed to complete a damage assessment. Strategies to reduce the number of
analyses are presented in Chapter 3, where the incremental response analysis process is
further discussed.
Linear dynamic analysis methods are used to determine the response of structures to ground
motion. Real mode superposition is implemented on proportionally-damped structures, and
linear direct integration is used for structures with non-proportional damping. These
methods do not capture the changes in stiffness or the energy-dissipating mechanisms that
accompany structural damage during the response of a building to an earthquake. Chapter 4
discusses the conditions under which the linear methods can be used for damage assessment.
However, using them in the current chapter is appropriate as we focus on points of the
damage assessment procedure that have a greater impact on the estimated damage than the
choice of a response analysis method. Linear dynamic analysis was selected for its
computational advantage, with a single analysis required for each ground motion record due
to the proportionality of the response to the intensity of ground motion. In addition, linear
dynamic analysis is proposed as the method of choice to support the design optimization
algorithm presented in Chapter 5.
The fragility model considers only 3 damage systems at each floor: structural, nonstructural
drift-sensitive and nonstructural acceleration-sensitive. These 3 systems are sufficient to
study the fundamental differences between structural and nonstructural damage, and
between drift-induced and acceleration-induced damage. The fragility function for each
system is adapted from the damage states defined by Hazus for an office building designed
to a moderate code level. Damage increases linearly with drift or acceleration from the onset
of damage to full damage, after which it remains constant. These idealized fragility functions
depend on the structural system (moment-resisting, braced or dual frame) and the height of
the building (low-, mid- or high-rise), which vary across the benchmark structures
considered. That the structures are assumed to be office buildings also defines the relative
values of the damage systems. The structural, nonstructural drift-sensitive and nonstructural
acceleration-sensitive systems account respectively for 19%, 33% and 48% of the building
replacement value.
Unless noted otherwise, the benchmark buildings are assumed to be located in Los Angeles,
CA. The hazard functions for other U.S. locations are presented in section 2.6.4. These
hazard functions differ in magnitude and in shape, and the reference location was selected
because its hazard function has an average shape. The shape of the hazard function defines
the relative number of small and large earthquakes, which has more implications for the
damage assessment procedure than the overall number of earthquakes.
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2.2.3 Illustration
The proposed damage assessment procedure is applied to structure B5, a 5-story irregular
steel braced frame. The modal properties of structure B5 are summarized in Appendix A.
The standard implementation parameters listed above are considered, except for the
structural response analysis method. Nonlinear dynamic analysis is used instead of its linear
counterpart in this illustration since the nonlinear character of structural response is largely
discussed in the following chapters of this dissertation. Selected response, damage and
damage density functions are shown to illustrate the key steps of the damage assessment
procedure. For the functions that are specific to damage systems, floors or ground motion
records, we consider the nonstructural acceleration-sensitive system of the 3rd floor of the
building responding to ground motion record SF39. The details of ground motion SF39,
recorded 39 km from the epicenter of the San Fernando earthquake, are given in Appendix
B.
The fragility function for the damage system of interest and the hazard function at the
building location considered are shown on Figure 2.2 and Figure 2.3 respectively.
Damage (%) n(PGA) (s2 .ft-'.y-1 )
100 . 1---- ---- -
.1 10-. ..
0 110-4
0 20 40 60 80 0.1 1 10
PFA (ft.s-2) PGA (ft~s-
Figure 2.2 - Nonstructural acceleration- Figure 23 -Annual exceedance
sensitive fragility function for medium- frequency density of the peak ground
rise steel braced frames acceleration in Los Angeles, CA
The peak floor acceleration (PFA) governs damage in the system of interest. The finite
element model of the benchmark building has 26 structural nodes in the usable area of the
3 rd floor, and each of these nodes becomes an observation point for the PFA. Figure 2.4
shows the point-specific response functions to the SF39 ground motion, as well as their
average and standard deviation.
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Figure 2.4 - Dispersion across a floor of the peak acceleration
response
The incremental response analysis process is repeated with the 16 ground motion records
considered, and the 3 rd floor average response function is assembled for each record. Each
response function is then combined with the fragility function describing damage in the
nonstructural acceleration-sensitive system, producing record-specific damage functions. The
16 damage functions obtained are shown on Figure 2.5, along with their average and the
standard deviation.
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Figure 2.5 - Dispersion across the ground motion records of the
acceleration-induced damage
The average damage function is assembled for the other 2 damage systems of the 3 d floor,
and an overall damage function for that floor is computed as the average of the system-
specific damage functions weighted by the relative values of the damage systems. The floor-
specific damage functions are shown on Figure 2.6. Having assumed that the building
contains offices, the damage model splits the value almost evenly between the drift-sensitive
systems (52%) and acceleration-sensitive system (4 8 %). The overall damage function is
therefore located between the system-specific ones.
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Figure 2.6 - System-specific and
overall damage functions on 3d floor
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Figure 2.7 - Floor-specific and overall
damage functions
A similar operation is now performed across the floors. The damage function of each floor
is assembled, and the average of these functions weighted by the values of the floors defines
an overall damage function for the building. The floor and building damage functions are
shown on Figure 2.7. It can be seen that the building function is less sensitive to the
variations of the 4* and 5th floor functions because the building tapers, reducing the square
footage and therefore the value of the upper floors with the fragility model considered.
As final step of the damage assessment procedure, the damage function of the full building is
multiplied by the hazard function to form the annual damage density function shown on
Figure 2.8. The area under this last curve is the annual damage, which is the final output of
the procedure. The shape of the annual damage density function suggests that the
earthquakes of lower intensity contribute for most of the overall damage, their shorter return
period making up for their relatively mild consequences.
Damage Density (x10~4 )
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Figure 2.8 - Annual damage density function
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2.3 Ground Motion
The damage assessment method starts with an incremental response analysis process, which
determines the response of a structure to several ground motion records. In this section, we
evaluate the sensitivity of the estimated damage to the size and composition of the set of
ground motion records.
2.3.1 Earthquakes and Records
In structural dynamics, it is common to use the name of an earthquake to designate some
ground acceleration time history recorded during that earthquake. One motivation for
assessing seismic damage probabilistically is that different ground acceleration records of
similar characteristics, such as records of the same earthquake at different locations, can
induce structural responses that are significantly different. It is therefore important to
distinguish between local acceleration records and global seismic events. In this dissertation,
the term earthquake designates the global event triggered by the release of energy
accumulated along a seismic fault. Aftershocks are considered as distinct earthquakes. The
significance of an earthquake may be quantified by its moment magnitude, which is a
measure of the total strain energy released during the event. On the other hand, a ground
acceleration record is specific to the location of its recording station. Each station is typically
equipped with 3 accelerometers installed in orthogonal directions and produces 3 ground
acceleration records that are therefore specific to a particular orientation. The records also
depend on how the accelerometers are connected to the ground and on the filtering and
other processing methods applied to the data recorded.
Ground Acceleration (scaled to unit PGA)
1.0 -- - ---
0.5 ---- - 1
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Figure 2.9 - Ground acceleration recorded 10km (LP10) and 48km
(LP48) from the epicenter of the Loma Prieta earthquake and scaled
to the same unit peak value
The ground acceleration records considered in this dissertation were retrieved from the
ground motion database made available by PEER. The database was set up as part of the
Next-Generation Ground Motion Attenuation (NGA) project, whose purpose is to create
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seismic hazard maps. The records in the database are filtered and suitable for use as ground
acceleration loading in structural analysis.
In this dissertation, a set of 3 ground acceleration records in orthogonal directions for the
same earthquake and at the same location is referred to as a ground motion record. When
simulating the seismic response of a building using a three-dimensional model, the load is a
full ground motion record. The actual orientation of the accelerometers is disregarded, and
the accelerations recorded in the two horizontal directions are applied to the global x- and y-
directions of the building model. The vertical acceleration record is applied to the z-
direction.
Although a building is built at or planned for a specific site, the damage assessment method
may subject the structure to ground motion records from different recording stations. This is
necessary when no recording station is located near the site of the building, but it also allows
taking into account a broader range of ground motion scenarios when the number of
earthquakes recorded at a particular site is limited. The location of the epicenter varies for
the successive earthquakes occurring along a fault, and the characteristics of a ground
motion recorded at a particular site may apply to another site in the future.
2.3.2 Response and Damage Dispersion
The ground motion records are considered one after the other at the start of the damage
assessment procedure. Response and damage functions are constructed for each individual
record, and Figure 2.5 above (p. 29) showed that the dispersion of the damage function can
be significant across these records. In that example, between the records causing minimum
and maximum damage, the earthquake intensity at the onset of damage is halved and the
average damage over the higher intensities is essentially doubled. The trilinear fragility
relationship between structural response and damage suggests that the dispersion of the
response of the structure to the different ground motion records is of the same magnitude.
The response of a building structure to a particular ground motion record is characterized in
the proposed procedure by a single peak interstory drift ratio (PIDR) and peak floor
acceleration (PFA) at each floor. The dispersion of the response parameters can then be
represented on a pair of box diagrams. These box diagrams show the median value, the
lower and upper quartiles and the sample minimum and maximum without excluding any
outlier. Figure 2.10 summarizes the dispersion of the structural response for structure M6-
2.5, a 6-story irregular moment-resisting frame with a proportional damping ratio of 2.5%.
The structure was subjected to the 16 selected ground motion records scaled to a peak
ground acceleration (PGA) of 10 ft.s2 . Drift dispersion is considerable, and the jump visible
between the 4* and 5* floors is explained by the relative softness of the upper two floors.
Acceleration dispersion increases more steadily toward the top of the building, and so does
the mean acceleration value. The first floor was assumed rigidly connected to the ground and
therefore experienced the peak acceleration to which the ground motion records were
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scaled. Non-zero dispersion would be observed if a more complex model was considered for
the soil-structure interaction or if the building was equipped with base isolation.
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Figure 2.10 - Dispersion of the structural response parameters across
16 ground motion records scaled to PGA = 10 ft.s.2 (struct. M6-2.5)
In order to compare the dispersion of the structural response between buildings of different
height, stiffness or damping properties, the coefficients of variation (ratio of the standard
deviation to the mean value) of the response parameters are determined. They are shown on
Figure 2.11 for each response parameter of 5 benchmark buildings with similar levels of
proportional damping. As previously, all ground motion records were scaled to the same
peak ground acceleration. The magnitude of the dispersion is comparable for the different
structures, although the taller dual frame D9 shows less consistent drift values and more
consistent acceleration ones. However, no direct relationship is established between the
fundamental modal properties of a structure and the dispersion of its response parameters
across different ground motion records. For instance, D9 is the softest structure and stands
out, but B4 is the stiffest one and doesn't. Similarly, the fundamental modal properties of M6
and D9 are comparable, but these structures almost constitute lower and upper bounds on
acceleration dispersion.
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Figure 2.11 - Coefficient of variation of the structural response
parameters across 16 ground motion records scaled to the same PGA
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For the drift of structure M6, it is interesting to note that even though the full range and the
interquartile range were shown to increase between the 1" and 5 th floors on Figure 2.10, the
coefficient of variation actually decreases slowly toward the top of the building.
As significant dispersion is observed in the response to a set of ground motion records
scaled to the same PGA, we consider scaling the records to other measures of ground
motion intensity. The spectral acceleration (SA) is the peak acceleration response of a single
degree-of-freedom system that has a particular period and damping ratio. SA is a possible
alternative to PGA as a measure of ground motion intensity in the damage assessment
method. The choice of PGA over SA for the studies supporting this dissertation is justified
in section 2.6.3 below. In the following, the dispersion of the structural response across
ground motion records scaled to the same SA is calculated to determine whether the
dispersion observed with PGA could be significantly and systematically reduced. The same
benchmark structures are used, but the intensity measure is now the SA corresponding to a
period of 0.5 s and a damping ratio of 2%. On Figure 2.12, it can be seen that the drift
dispersion is reduced for structure M6-2.5. The acceleration dispersion, on the other hand,
remains significant but is distributed over the floors differently. The ground motion records
scaled to the same SA value have different PGA values, resulting in greater acceleration
dispersion in the lower floors.
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Figure 2.12 - Dispersion of the structural response parameters across
16 ground motion records scaled to SA = 10 ft.s- 2 (struct. M6-2.5)
The responses of a structure to a ground motion record scaled to the same value of PGA
and SA are inherently different, as shown by the changes in mean response values between
Figure 2.10 (PGA) and Figure 2.12 (SA). As a measure of dispersion normalized to the mean
value, the coefficient of variation is more convenient for a quantitative comparison.
Figure 2.13 shows the coefficients of variation of the structural response parameters for the
same benchmark structures as above but with SA as measure of ground motion intensity.
Structure M6-2.5 experiences the least overall dispersion, and its drift responses are
particularly consistent across the different records. This first suggests that the drop in
dispersion observed above between Figure 2.10 and Figure 2.12 would not be as significant
for the other structures. We then note that dispersion is smaller for structure M6-2.5, even
though its fundamental period (0.87s) is further away from the spectral acceleration period
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of 0.5 s than 3 of the 4 other structures shown on Figure 2.13. Similarly, the acceleration
response is not particularly consistent for structure B4, whose fundamental period of 0.51 s
and damping ratio of 2% both nearly match the spectral acceleration definition. It is
therefore clear that the fundamental mode alone does not govern the peak response for this
structure. We conclude that using SA as measure of ground motion intensity does not
systematically improve consistency of the structural response across a set of ground motion
records.
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Figure 2.13 - Coefficient of variation of the structural response
parameters across 16 ground motion records scaled to the same SA
In the proposed damage assessment method, the response to each ground motion record is
first converted into a damage estimate separately. Figure 2.14 shows the dispersion of the
damage estimate across the different records at each floor and for different damage systems
of structure M6-2.5. The PGA was used as measure of ground motion intensity, and annual
damage values are shown. Since the standard damage model considered assigns similar
values to the drift- and acceleration-sensitive systems, the dispersion observed on the overall
building damage (B) is essentially the average of the dispersion observed on the drift- (D)
and acceleration-induced damage (A).
Floor Floor
6
5
4
3
2
1
0 5 10 15 20
Annual Damage (x10- 3 )
25
[DJ
6
5
4
3
2
1
0 5 10 15 20
Annual Damage (x10-3 )
Figure 2.14 - Dispersion of the annual damage estimate across 16
ground motion records (struct. M6-2.5)
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The above observations confirm that a damage assessment method relying on structural
response simulation cannot consider a single ground motion record. A set of records should
be selected and a single damage assessment produced from the response of the structure to
these records. The size and composition of the set of records are discussed below, in
sections 2.3.3 and 2.3.4 respectively.
As a preliminary step for the studies presented in the next two sections, a pool of ground
motion records is assembled. The 70 records used by Aslani (2005) and the 3 sets of 20
records used by Lagaros (2010) are added to the selected set of 16 records. The pool
contains 121 records after the duplicates are removed. The distance to the epicenter and the
unscaled PGA of the records are listed in Appendix B. The benchmark buildings are
subjected to all records, and the response functions to each record are constructed and
stored to be used in the next two sections.
2.3.3 Records Set Size
In the proposed procedure, the annual damage estimated from a set of records is the average
of the annual damage estimated from each record individually. It was shown that individual
ground motion records can result in very different damage estimates for the same building,
making it necessary to consider multiple records covering a range of possible earthquake
scenarios.
The number of records greatly varies among the existing applications of the PEER
methodology. Aslani and Miranda (2004) used between 55 and 75 records to lower the
uncertainty on the structural response to a target level, while Moehle (2005) recommended a
minimum number of 7 records. For a different application than damage assessment,
Azarbakht and Dolsek (2007; 2010) proposed a system of precedence list so that more
records can be added if needed, based on the analysis results from a current set of records.
The number of records in the set affects the runtime of the damage assessment procedure.
To estimate annual damage, an incremental response analysis of the structure to each ground
motion record must be performed. The analysis methods available, discussed in Chapter 3,
differ by orders of magnitude in runtime, but performing the analysis for a single ground
motion record always requires more time than processing the analysis results into a damage
estimate. If all ground motion records had the same duration, the runtime of the overall
damage assessment procedure would be essentially proportional to the number of records
considered.
While keeping the set of records small improves runtime, it also reduces the range of
earthquake scenarios to which the structure is to be subjected. A smaller set of records may
be particularly favorable or unfavorable for the structure being analyzed, resulting in less
confidence on the estimated annual damage. This effect is quantified in the following for
some of the benchmark structures.
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The different results presented below were obtained using the same procedure. Set sizes of
interest are first identified, the set size being the number of ground motion records included
in a set. For each set size, 1,000 sets are randomly drawn from the pool of 121 records. A set
may not include any record more than once. For each random set, the pre-assembled
response functions corresponding to the records of the set are retrieved and used to initialize
a damage assessment procedure. The overall and system-specific annual damage estimated
from each random set are stored, and statistics are computed for the damage estimates once
all sets have been processed. The above procedure was implemented on selected benchmark
structures, with 1,000 new sets of records assembled for each structure.
The dispersion of the damage estimate for structure M6-2.5 across the randomly-selected
sets of the same size is shown on Figure 2.15. For this building, the differences between the
minimum and maximum damage estimates are comparable in the drift-sensitive (D) and
acceleration-sensitive (A) systems. However, the mean acceleration-induced damage is about
twice the mean drift-induced damage, making the relative dispersion worse in the drift-
sensitive system. Damage system B corresponds to the full building.
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Figure 2.15 - Dispersion of the annual damage estimate across 1,000
sets of ground motion records (struct. M6-2.5)
The rate at which damage dispersion decreases with increasing set sizes is better illustrated
by the coefficient of variation across the damage estimates for each set size. The coefficient
of variation also allows comparison of the dispersion between the different benchmark
buildings and the different damage systems of the same building. It is shown on Figure 2.16
for 10 selected benchmark buildings. We first note that dispersion is greater for the softer
structures, with a maximum for the 9-floor dual frame D9 and greater values for the
moment-resisting frames M6 and M4 than the comparable braced frames B5 and B4. As
softer structures experience more drift and less acceleration, these results are consistent with
the higher relative dispersion observed on Figure 2.15 for the drift-sensitive damage system.
The other 5 structures shown on Figure 2.16 are soft moment-resisting and dual frames,
with various aspect ratios and damping levels. The differences in dispersion are more
moderate between these structures. For instance, comparing structures D3 and D3V
suggests that damage dispersion slowly decreases with damping.
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Figure 2.16 - Coefficient of variation of the damage estimate across
1,000 sets of ground motion records
The effects of the structural properties on the dispersion of the damage estimate across
different sets of ground motion records are verified with additional comparisons. On Figure
2.17, the coefficient of variation is shown for 5 levels of proportional damping assigned to
the 3-story braced frame B3. Dispersion decreases as damping is added, and this effect is
more significant at low damping levels. The proposed damage assessment method is
therefore more consistent for highly-damped buildings.
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Figure 2.17 - Sensitivity to damping () of the coefficient of variation
of the damage estimate across 1,000 sets of ground motion records
(struct. B3-2 to B3-20)
38
50
40
30
20.
10
0.
------------_
..............
'.-, ' -_- -- -' ---------- .......... -------
2.3 - Ground Motion
The effect of the structural system is illustrated by comparing, on Figure 2.18, the dispersion
of the damage estimate for the drift-sensitive (D), acceleration-sensitive (A) and overall (B)
systems of the comparable moment-resisting frame M6 and braced frame B5. In both cases,
the dispersion is significantly more for the drift-induced damage than the acceleration-
induced damage. The overall damage dispersion is less for the braced frame because it
experiences more acceleration and less drift than a moment-resisting structure.
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Figure 2.18 - Coefficient of variation of the damage estimate across
1,000 sets of ground motion record for a moment-resisting frame
(struct. M6-2.5, left) and a braced frame (struct. B5-2.5, right)
For the standard damage assessment method, a set size of 16 records was selected as the
smallest size for which the average value over all benchmark structures of the coefficient of
variation discussed above is less than 10%. The number 16 is considered a good balance
between consistency and runtime for the studies presented in this dissertation. The
dispersion of the estimated damage across sets of 16 ground motion records is shown on
Figure 2.19 for a selection of benchmark structures, and the coefficients of variation are
listed for all structures in Table 2.2. The effects discussed above of the structural properties
on the dispersion are visible.
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Figure 2.19 - Dispersion of the annual damage estimate across 1,000
sets of 16 ground motion records
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In particular, it can be seen that while the median damage estimate is comparable for the 4
variants of the 3-story braced frame B3, the coefficient of variation decreases as stiffness is
increased from B3LS (low-stiffness) to B3HS (high-stiffness). Damping is also shown to
decrease the dispersion of the damage estimate with the exception of the tallest structure D9,
which also has the lowest fundamental frequency. More generally, the effect of damping is
more significant on the stiffer structures. The average over the benchmark structures of the
coefficient of variation of the estimated damage is 9.3%, with a standard deviation of 2.5%.
These figures are only relevant to this dissertation since the set of benchmark structures are
not representative of any particular building stock.
Table 2.2 - Coefficient of variation (cv) of the damage estimate across
1,000 sets of 16 ground motion records
Struct. cv (%) Struct. cv (%) Struct. cv (%) Struct. cv (%)
M6-2.5 12.4 M3-2 9.9 B3-2 9.1 D3-2 10.5
M6-10 12.8 M3-5 8.5 B3-5 8.1 D3-5 10.2
B5-2.5 8.9 M3-10 7.3 B3-10 6.5 D3-10 9.4
B5-10 8.8 M3-15 6.8 B3-15 6.0 D3-15 8.4
D9-2.5 16.0 M3-20 6.4 B3-20 5.7 D3-20 8.0
D9-10 16.1 M4-2 11.6 B3LS-2 11.6 D3V-2 8.8
B4-2 9.5 M4V-2 10.7 B3HS-2 7.9 D3HV-2 7.5
B4-10 7.9 B3AS-2 6.6 D7V-2 10.4
2.3.4 Records Set Composition
The selection of ground motion records to be scaled and applied to structural response
analysis is a well-documented field (Pacific Earthquake Engineering Research Center 2009).
Common methods consider the magnitude of the earthquake and the distance to the
structure being analyzed as selection criteria, but the relevance of these methods cannot be
proven (Iervolino and Cornell 2005). It has however been shown that applying excessively
large scaling factors to a ground motion record could distort the results of structural
response analysis (Luco and Bazzurro 2007). For this study, records were therefore selected
arbitrarily from a selection of candidates with high peak ground acceleration.
The damage assessments performed in the rest of this dissertation rely on a set of 16 ground
motion records drawn from 4 major earthquakes that occurred in California in the second
half of the 2 0th century. The epicenter of the San Fernando, Whittier Narrows and
Northridge earthquakes are located in the Northern Los Angeles area, and the Loma Prieta
earthquake occurred in the Silicon Valley, to the South of the San Francisco Bay area. Each
earthquake is identified in this dissertation by a pair of letters, as shown in Table 2.3.
Detailed earthquake properties are provided in Appendix B.
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Table 2.3 - Selected earthquakes
Tag Name Date Moment Magnitude
SF San Fernando 2/9/1971 6.61
WN Whittier Narrows 10/1/1987 5.99
LP Loma Prieta 10/17/1989 6.93
NO Northridge 1/17/1994 6.69
A set of 16 ground motion records is assembled by selecting, for each earthquake, 4 records
from the many more available in the database made available by PEER. The records were
selected to cover a range of peak ground accelerations (PGA) and distances to the epicenter.
Although the intensity of ground motion generally decreases as the seismic waves travel
away from the fault, there is no direct relationship between the peak ground acceleration and
the distance to the epicenter. These properties are listed in Table 2.4 for the selected records,
and additional properties are compiled in Appendix B. The appendix also includes plots of
the recorded acceleration time-histories and of the response spectra at 5% damping for the
two horizontal directions of the ground motion records. Each record is identified by the pair
of letters assigned to the earthquake during which it was recorded, followed by the integer
value of the distance, in kilometer, between the recording station and the epicenter.
Table 2.4 - Selected ground motion records
Tag Station Name Station Epicentral PGA (g)Code Dist. (kcm)
SF20 Lake Hughes - Station #12 USGS 128 20.04 0.39
SF32 Santa Felicia Dam CDMG 285 31.55 0.18
SF39 Los Angeles - Hollywood Store FF CDMG 24303 39.49 0.24
SF46 Santa Anita Dam LAFC 104 45.86 0.22
WN14 Altadena - Eaton Canyon CDMG 24402 14.28 0.3
WN16 Downey - Co Maint Bldg CDMG 14368 16.04 0.25
WN21 Los Angeles W 70th St USC 90023 20.85 0.2
WN35 Long Beach - Harbor Admin FF CDMG 14395 34.65 0.07
LP10 Capitola CDMG 47125 9.78 0.58
LP40 San Jose - Agnews State Hospital CDMG 57066 40.12 0.18
LP48 Hollister - South & Pine CDMG 47524 48.24 0.37
LP98 Berkeley - Lawrence Berkeley Lab. CDMG 58471 98.41 0.12
N013 Beverly Hills - 14145 Mulholland Dr Usc 90013 13.39 0.52
N017 Los Angeles - N Faring Rd usc 90016 16.99 0.31
N025 Los Angeles - Centinela St uSC 90054 25.44 0.47
N032 Los Angeles - Pico & Sentous CDMG 24612 31.73 0.2
For each benchmark structure, the damage estimated from the 16 selected records is
compared to the damage estimated from the pool of 121 records considered previously. The
relative differences between the two damage assessments are listed in Table 2.5. On average,
the damage estimate for the full building is 3.9% larger with the selected set. We notice that
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the set tends to overestimate damage in softer structures and underestimate it in stiffer
structures. The selected set also overestimates damage more is structures with higher
proportional or local damping. As a result, the damage assessments supporting the damping
optimization process presented in Chapter 5 are generally conservative estimates. It should
also be noted that damage is overestimated by 9.6% and 9.5% in the structural and
nonstructural drift-sensitive systems, while the overestimate is only 1.4% for the
nonstructural acceleration-induced damage.
Table 2.5 - Effect of the record set composition on the damage
assessment
Struct. e (%) Struct. e (%) Struct. e (%) Struct. e (%)
M6-2.5 17.5 M3-2 3.3 B3-2 -0.4 D3-2 -12.9
M6-10 24.6 M3-5 6.1 B3-5 -4.0 D3-5 -6.9
B5-2.5 -1.0 M3-10 7.1 B3-10 -3.9 D3-10 -0.7
B5-10 9.4 M3-15 7.1 B3-15 -2.8 D3-15 1.8
D9-2.5 12.6 M3-20 6.0 B3-20 -1.7 D3-20 2.6
D9-10 27.3 M4-2 6.0 B3LS-2 12.5 D3V-2 -3.2
B4-2 -5.8 M4V-2 18.1 B3HS-2 -9.8 D3HV-2 0.3
B4-10 3.4 B3AS-2 -1.6 D7V-2 9.0
d16 -d121 I d16 damage estimated from the selected set of 16 records
d121  d121  damage estimated from the full pool of 121 records
2.4 Fragility
Fragility designates the relationship between the response of a building structure to an
earthquake and the damage sustained by the building at the end of the earthquake, including
the potential longer-term consequences. In this section, a fragility model is proposed for the
lifetime damage assessment method, and the sensitivity of a damage estimate to the
parameters of the fragility model is determined.
2.4.1 Fragility Model and Data
The fragility model is adapted from Hazus (Hazard U.S.), which designates both a loss
assessment methodology and the software package that implements it. A detailed description
of Hazus is proposed by Kircher et al. (2006), and Neighbors et al. (2013) performed a
sensitivity study of its earthquake model. Hazus was developed by the Federal Emergency
Management Agency to help government planners evaluate natural hazards. The scope of
Hazus is broader than the seismic risk for buildings considered in this dissertation. First, the
earthquake loss model is only one component of Hazus, which also includes models for
hurricanes, surges and floods. Then, within the earthquake loss model, Hazus considers the
infrastructure, transportation and communications networks in addition to the buildings and
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other structures. Finally, Hazus was developed to evaluate damage at a larger scale than
individual buildings and is applicable to neighborhoods, cities or entire regions hit by a
natural disaster. The fragility information that characterizes the vulnerability to earthquakes
of a type of building in Hazus is therefore an average over many buildings of this type. When
available, specific fragility data should be used to assess the seismic performance of a
particular building. The Advanced Engineering Building Module is an addition to the Hazus
software to adjust the loss model to particular building. For simplicity and consistency, it was
however decided to use the standard Hazus data for all benchmark structures used to
support this dissertation. Table 2.6 lists the tables of the Hazus Technical Manual (Federal
Emergency Management Agency 2010) from which data was retrieved.
Table 2.6 - Fragility data retrieved from the Hazus Technical Manual
Fragility Information Hazus Table(s)
Building classification by structural system and occupancy category 3.1, 3.2
Default replacement costs per square foot 3.6
Drift and acceleration thresholds for the 4 damage states of the 3 damage
systems (structural, nonstructural drift-sensitive and nonstructural 5.9, 5.10, 5.12
acceleration-sensitive)
Damage as fraction of the replacement cost in the 4 damage states of the 3 15.2, 15.3,15.4damage systems
Collapse probability in complete structural damage state 13.8
Casualty rate assuming collapse and in the 4 damage states assuming no 13.3, 13.4, 13.5, 13.6collapse
The replacement costs are only used in Chapter 5, where lifetime damage needs to be
expressed as a monetary value in order to determine the optimal investment in viscous
damping. These costs are obtained from the RSMeans construction cost estimation database.
The Hazus documentation also contains data that is essentially equivalent to the damage
functions of the proposed method, assigning a loss value to any level of ground motion
intensity. However, this data was generated by idealizing the response of building structures
to earthquakes, and using it would not allow to capture the structure-specificity of this
response. That the proposed damage assessment method simulates the response of each
particular structure to ground motion is. a major difference with Hazus. The damage
estimated with the proposed method is sensitive to the properties of the structure, allowing
design optimization.
2.4.2 Damage Systems
In this dissertation, a damage system is a set of entities whose damage is governed by the
same fragility functions. A system may be structural, nonstructural or even non-physical.
Earlier implementation of the PEER methodology (Aslani 2005; Zareian 2006) distinguish 3
damage systems: structural, nonstructural drift-induced and nonstructural acceleration-
induced. Hazus provides data for the damage states of these 3 systems but also identifies
other sources of damage. Table 2.7 lists the 6 damage systems adapted from Hazus and
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included in the fragility model. For implementation convenience, an additional system (B)
aggregating all sources of damage in a building is added to the list. Systems S, D and A
contain the components of the building before it is occupied. Damage in the structural
system S is controlled by interstory drift, although other response parameters have been
considered (Ghobarah et al. 1999). Nonstructural components spanning floors such as
partition walls and piping systems belong to D, and components located on a single floor
such as mechanical equipment belong to A. System C contains the nonstructural
components that remain in the building but are not part of it, such as the furniture. These
components are sensitive to acceleration. Damage in system I is a loss of income due to the
building being closed for significant post-earthquake repairs. Such repairs are necessary when
the structural system is damaged, and therefore system I is sensitive to drift and uses the
same damage state thresholds as system S. Finally, system N allows taking into account
direct losses to a business. It should be noted that while the fragility data currently available
for nonstructural systems is uncertain, a significant effort is underway to refine it (Applied
Technology Council 2007; Filiatrault et al. 2011). Nonstructural acceleration-induced damage
has drawn research interest as it accounts for the majority of the damage after small and
moderate earthquakes (Lepage et al. 2012).
Table 2.7 - Damage systems and governing response parameters
Tag Damage System Governing Parameter
S Structural Drift
D Nonstructural Drift-sensitive Drift
A Nonstructural Acceleration-sensitive Acceleration
C Contents Acceleration
I Income Drift
N Business Inventory Acceleration
B Full Building n/a
No particular fragility information is associated with system B, which is only used to
determine the overall damage as a fraction of the building replacement value. Note that the
values of systems C, N and I are not part of the building replacement value.
vB = vs +vD +vA (2.13)
dB = vSd5 +vDdD +v AdA +VCdc +vNdN +vIdI (2.14)
VB
where vB building replacement value
dB damage in building
Systems C, I and N may be considered in design optimization, where the monetary value
associated with damage is balanced with the investment in seismic mitigation. However, in
the rest of this dissertation, only systems S, D and A are considered. These 3 systems are
sufficient to make the key distinctions between structural and nonstructural damage on the
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one hand, and between drift-induced and acceleration-induced damage on the other hand. In
addition, only S, D and A are assigned their own damage state thresholds in the Hazus
model. These thresholds are simply reused for the other 3 systems, which could therefore be
taken into account by increasing the value of system S, D or A depending on the governing
response parameter.
Hazus provides, indirectly through the damage state information, default relative values for
systems S, D and A. The relative values depend on the occupancy category of the building
and are shown on Figure 2.20 for some of these categories. The benchmark buildings in this
dissertation are assumed to be office buildings, of category COM4. In this category, the
building value is almost evenly split between the drift-sensitive systems (S and D) and
acceleration-sensitive system (A).
COM10 - Parking
RES1 - House
EDU2 - University
COM4 - Office
COM6 - Hospital
IND5 - High-Tech.
Ms
mD
mA
Figure 2.20 - Relative values of the damage systems (adapted from
Hazus)
Figure 2.21 below represents the contributions of the damage systems to the overall building
damage estimated for selected benchmark structures. We first notice that, unlike the relative
values shown above, damage is not evenly distributed between the drift- and acceleration-
sensitive systems. System A contributes for more than half of the total damage in every
structure and constitutes a much greater fraction in some cases. This is explained by the fact
that acceleration-induced damage occurs at lower ground motion intensities than drift-
induced damage, as can be seen for example on Figure 2.6 above (p. 30).
M6-2.5
B5-2.5
D9-2.5
D7V-2
B4-2
M4-2
M4V-2
D3-2
D3V-2
MS D3HV-2
I.D B3LS-2
MA. B3AS-2
B3-2
B3HS-2
Figure 2.21 - Relative contributions of the damage systems to the
damage assessment
Significant differences are then observed among the benchmark buildings, although the same
occupancy category COM4 is assumed for all of them. The differences are due to the
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structural properties of each building, which shift the peak drift and acceleration responses
of the different floors. Stiffer structures experience less interstory drift but transfer more
ground acceleration to the higher floors, resulting in higher contributions of damage system
A. This is visible on the first 3 cases listed on Figure 2.21 above. The braced frame B5 has
the stiffest structural system and also the highest contribution of acceleration to damage,
while the moment-resisting frame M6 has the softest system and the lowest contribution of
acceleration to damage. The dual frame D9, which is moment-resisting in one direction and
braced in the other direction, has an intermediate contribution of acceleration to damage.
The effect of stiffness on the damage distribution can also be seen on the variants of the 3-
floor braced frame B3. The contribution of damage system A increases from 71% to 96% as
stiffer braces are installed in the structure.
The addition of local viscous damping also increases the participation of system A to the
overall building damage. Two explanations are advanced. First, the structure must deform
for the dampers to dissipate energy, and therefore dampers do not protect the structure
against sudden ground acceleration impulses during which some floors may reach their peak
response acceleration, setting the degree of acceleration damage for these floors. Then,
dampers can mitigate the upper floor responses by dissipating energy but do not affect the
ground acceleration response, which always matches the PGA.
2.4.3 Floor-specificity
In the proposed fragility model, each floor has its own set of damage systems that
experience damage independently from the systems of the other floors. The floors of a
building can be idealized as rigid masses connected to each other by much softer and lighter
components. As a result, the dynamic response of a building structure to external loads is
primarily described by the displacement of its floors, from which quantities such as the peak
interstory drift ratio or the peak floor acceleration are derived.
From an analysis standpoint, it is convenient to assume that damage is also floor-specific and
exclusively governed, at each floor, by the parameters describing the response of that floor.
In practice, this assumption is reasonable for the nonstructural damage systems, whose
components are usually clearly located at a particular floor. The floor-specificity assumption
is however more debatable for structural damage, as structural components such as column
segments and braces can extend across several floors. In addition, global phenomena such as
progressive collapse may occur. But even if structural damage is not physically located at
specific floors, considering the peak interstory drift ratios remains a reasonable way to
estimate this type of damage since excessive drift is surely what causes it. Global structural
failure can then be included in the fragility model by assigning a full damage value to the
entire building if failure leading to collapse is detected at a particular floor. It should also be
noted that the structural fragility model becomes less important when the damage
assessment method is applied to structural optimization because the optimal structures often
feature low levels of structural damage.
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The distribution of the estimated damage over the 9 floors of dual frame D9 is shown on
Figure 2.22. By distinguishing the contributions of the different damage systems at each
floor, the figure constitutes a full description of the seismic damage distribution in the
building. In the case of structure D9, the damage distribution over the floors reflects the
structural response distribution particularly well because all floors have the same area and are
assigned the same value. We first note that the overall floor damage does not vary gradually
with the floor number, reflecting that the response is not governed by the first mode of the
structure. The relative contributions of drift and acceleration damage are identical for the
first and last floors but vary among the intermediate floors.
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Figure 2.22 - Building damage decomposition (struct. D9-2.5)
The damage distribution can also be used to compare design options or evaluate the effect
of seismic retrofit. Figure 2.23 represents the damage distribution in the moment-resisting
frame M4 before and after it is equipped with viscous dampers. The effect of the dampers is
an equivalent damping ratio of 15% on the first two modes of the structure. In addition to
drastically reducing the overall damage, damping makes the damage distribution more
uniform between the floors. Despite the addition of damping, acceleration is not mitigated at
ground level and is still transferred to the upper floors, only with less amplification. A
solution to mitigate acceleration at ground level is to implement base isolation.
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Figure 2.23 - Building damage decomposition before (struct. M4-2,
left) and after (struct. M4V-2, right) retrofit with viscous dampers
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In the following, we quantify the importance floor-specificity in the damage assessment by
calculating damage with two alternative methods that assume regular profiles for the peak
interstory drift ratio (PIDR) and the peak floor acceleration (PFA).
A first method is to determine the average PIDR and PFA across all floors and to consider
that each floor experiences these average values. This approach is called AVG in the
following.
8 AVG _ ( AVG (2.15)
where 8,, acx PIDR and PFA at floor j
NJ number of floors
8 AVG CAVG PIDR and PFA assigned to all floors with the AVG method
Another option is to only observe the response of the roof of the building and to assume a
linear deformation profile for the structure. The linear profile leads to a uniform PIDR at all
floors determined from the peak roof displacement. The PFA is assumed to vary linearly
from the peak ground acceleration to the peak acceleration observed at the top floor. The
acceleration of the last occupied floor is considered instead of the roof acceleration because
the dynamic response analysis of a building can result in singular acceleration values for the
roof, which tends to have less inertia than the occupied floors. This second approach is,
however, referred to as ROOF in the following.
8 ROOF uN+1 ROOF _ l NJ(
h N -(1
where uNJ1  peak roof displacement
h building height
8 ROOF PIDR assigned to all floors with the ROOF method
y peak floor acceleration
ociROOF PFA assigned to floor j with the ROOF method
For both of the alternative methods, the drift and acceleration values are replaced at the end
of the incremental dynamic analysis, and the standard damage assessment method is applied.
The relative difference in damage estimate between the alternative and the reference
methods are listed in Table 2.8 for selected benchmark buildings. Drift-induced (D),
acceleration-induced (A) and full building (B) damage are distinguished. The difference in
overall damage is smaller for the buildings that are regular vertically (D9, M4 and B4). For
these buildings, both alternative methods underestimate drift damage, but acceleration
damage is underestimated by the AVG method and overestimated by the ROOF method.
Greater differences are observed for the irregular buildings and especially for D7. The lower
two floors of this building are much larger and have a different structural system than the
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upper five floors. The dynamic behavior of the upper part of the structure has a major effect
on the regular drift and acceleration profiles, while most of the building value is located in
the lower floors whose response is different. Overall, we conclude that with the damage
model considered, response and damage must be determined for each floor separately.
Table 2.8 - Sensitivity of the damage assessment to the regular drift
and acceleration profile assumptions
8AVG (/G) eROOF (f)
Struct. D A B D A B
M6-2.5 12.7 15.9 14.5 5.6 27.6 18.2
B5-2.5 13.0 19.9 18.4 13.6 8.5 9.6
D9-2.5 -7.1 -6.7 -6.4 -20.0 4.2 -4.6
D7V-2 25.9 47.8 41.2 19.3 39.5 33.4
M4-2 -7.7 -8.3 -8.1 -17.1 5.7 -2.0
M4V-2 -7.2 -4.0 -4.8 -8.8 14.0 8.0
B4-2 -8.4 -7.9 -8.0 -12.0 1.5 -1.0
AVG dAVG - d d damage estimated from true floor responses
d dAVG damage estimated from 8AVG, OCAVG (2.15)
ROOF dRc)F -d
e d dROOF damage estimated from 8ROOF, CROOF (2.16)
2.4.4 Fragility Functions
A fragility function is used to assign a damage value to a system based on the value of the
structural response parameter governing that system. This section describes how the fragility
functions of the proposed damage assessment method were assembled from the Hazus
fragility data.
Hazus defines 4 damage states for each system and associates a damage value with each
state. A threshold value of the response parameter is also provided for each state, and a
system is assumed to be in a particular damage state after an earthquake if the value of the
governing response parameter lies between the threshold value for that state and the one for
the following state. The state thresholds and damage values depend on global structural
properties and other parameters of the fragility model presented in section 2.4.5 below.
The discrete damage states defined by Hazus constitute a first fragility function that is
piecewise-constant. It is shown on Figure 2.24 for 2 systems of a medium-rise braced steel
frame. The breadth of the second and third damage states is problematic for the design
applications of the damage assessment method. These states cover ranges of structural
responses that are likely to be experienced by buildings located in areas of high seismic
activity, and therefore their contribution to the lifetime damage assessment is significant. If
the same damage value is associated with a broad range of structural responses, then
identical damage assessments may be obtained for buildings that respond differently to
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earthquakes. And if damage is estimated during the design process of a structure, the effect
of a potential design decision on the seismic performance of the building may not be visible.
A damage assessment that is sensitive to the changes in structural properties is especially
important in optimization, where the algorithm needs to identify the most beneficial design
directions. We therefore propose to construct continuous fragility functions from the Hazus
damage states.
Damage Damage
1 1
0.8 ----. m Dam. States 0.8 -
0.6 m Pic. Linear 0.6
.Trilinear 0.4
mFinal
0.2 0.2
0 0
1 2 3 4 10 20 30 40 50 60 70
PIDR (%) PFA (ft.s-2 )
Figure 2.24 - Fragility function construction from Hazus data for the
structural (left) and nonstructural acceleration-sensitive (right)
systems of a medium-rise braced frame with moderate code level
A first continuous function is assembled by associating the damage value of each state to the
threshold response value for that state and by assuming that the function varies linearly
between these points. As shown of Figure 2.24, this piecewise-linear function is concave for
drift damage and convex for acceleration damage. On average over all benchmark structures,
switching from the discrete damage states to the piecewise-linear function results in a 69%
increase in damage estimate. The absolute damage value is only important when estimating
damage costs to be compared with other monetary values, and in that case the increase in
damage can be balanced with a decrease of the building value. The irregular shape of the
piecewise-linear fragility functions result in damage functions that are not smooth either,
perturbing their numerical integration and their application to optimization.
The fragility function is therefore further idealized as trilinear, assuming a constant increase
in damage between the zero-damage and full-damage ranges defined in Hazus. We note that
because of the concave and convex shapes of the piecewise-linear functions, switching to the
trilinear function decreases drift damage and increases acceleration damage. On average over
all benchmark structures, the relative contribution of acceleration damage in increased by
13%. This moderate figure indicates that idealizing the shape of the fragility function is not
the only reason why acceleration damage is found to generally dominate in buildings with the
proposed damage assessment method. Trilinear fragility functions were used by Zareian and
Krawinkler (2007a) in a previous implementation of the PEER methodology.
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The final fragility function is obtained by rounding the corners of the trilinear function for
smoother transitions between the no-damage, partially-damaged and fully-damaged states
that the function defines.
2.4.5 Fragility Parameters
The proposed fragility functions are fully defined by the first and last damage state
thresholds and the damage value associated with the last damage state. This last value is
always 1.0 for the primary systems S, D and A considered, but Hazus may specify different
values for the other systems. For instance, it is assumed that 50% of the contents of a
building can always be recovered after an earthquake, and a full damage value of 0.5 is
assigned to system C. For some systems, the damage state thresholds depend on global
structural properties.
The structural damage thresholds depend on the structure type. For steel buildings, Hazus
distinguishes moment-resisting frames, braced frames and frames stiffened with concrete
shear walls. Mixed systems are assigned the stiffer of the structure types that they combine,
and the dual frames of this dissertation are therefore considered to be braced frames. In
addition, a building is categorized as low-rise (1-3 floors), medium-rise (4-7 floors) or high-
rise (8+ floors), and this property is part of the structure type. The 4 damage state thresholds
of the structural system are provided for each structure type, resulting in type-specific
fragility functions. Figure 2.25 illustrates the difference in fragility between moment-resisting
frames of different height.
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Figure 2.25 - Structural fragility functions applicable to moment-
resisting frames of different height
High-rise structures experience structural damage for lower interstory drift values. An
interpretation is that a moderate interstory drift can accumulate over more floors and still
result in large displacements at the top of the structure. In addition, the columns at the base
of a tall building carry higher loads that reduce their lateral stability and buckling capacity. In
the studies of this dissertation, the structural fragility function is adapted to the type of the
structure being analyzed.
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The damage state thresholds of the structural and nonstructural acceleration-sensitive
systems also depend on the code level, which corresponds to the standards to which the
structure was designed. This parameter represents properties of the structure that are not
always included in the model on which the incremental response analysis is performed. An
example is the quality of the connections between the structural members, which are often
idealized in computer models. The code level is loosely tied to the age of the building, but a
different code level may be selected for a structure whose design is more or less conservative
or whose construction quality is better or worse than the average. Figure 2.26 illustrates the
difference in fragility between the different code levels. A moderate code level is assumed
for the structures used in this dissertation.
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Figure 2.26 - Nonstructural acceleration-sensitive fragility functions
applicable to medium-rise braced frame of different code level
Because they apply to some but not all damage systems, the parameters described above
affect the relative contributions of the systems to the overall damage. Consider for example
the structural (S) and nonstructural drift-sensitive (D) damage systems. The systems are
governed by the same interstory drift ratio but have different fragility functions. The
structural fragility function is parameterized by the structure type and the code level, while
the nonstructural damage state thresholds are always the same. As a result, drift-based
damage will be more structural in tall buildings of low quality and more nonstructural is
shorter structures of higher quality. The two functions are superposed on Figure 2.27 for
medium-rise braced frames of moderate quality. With this combination of parameters,
structural damage occurs at lower drift values than nonstructural damage.
Damage
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Figure 2.27 - Drift-sensitive fragility functions for medium-rise
braced frames of moderate code level
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2.5 Damage Calculation
Ground motion records have been selected to set up incremental response analyses, and
fragility functions have been introduced. This section focuses on how the drift and
acceleration values produced by the incremental response analysis are combined with the
fragility functions to calculate damage.
2.5.1 Calculation Rule
During the incremental response analysis, interstory drifts and floor accelerations are
recorded throughout the structure for a set of ground motion records scaled to a range of
intensities. This produces a large number of analysis results that must be eventually
processed into a single estimate of damage in each system of each floor. For example, the
smallest structures considered in this dissertation are the 3-story irregular frames M3, B3 and
D3. They all have 76 structural nodes located on the usable floor areas that serve as response
recording points. With the 16 ground motion records and 58 intensity values of the standard
method used in this dissertation, a full incremental response analysis produces 70,528 peak
drift and acceleration values for these buildings.
Response parameters or derived quantities corresponding to different ground motion
intensities are never combined before the end of the damage assessment procedure, where
the probability of occurrence of the different intensities is taken into account. The quantities
discussed in this section are therefore all functions of the ground motion intensity, noted s.
The intensity is kept as a parameter for generality, although simplifications are possible when
the incremental response analysis relies on a linear elementary analysis method, for which the
response is proportional to the intensity. The first step of the procedure is to assemble the
response functions form the results of the incremental response analysis. Damage functions
must then be constructed for each system and at each floor using the fragility functions:
r(s) = ripk(s) 
-> d(s) = {dij(s) }
where rink(s) response function of the ground motion intensity s
fii(s) fragility function of the response parameter r
di(s) damage function
i damage system k ground motion record
j floor p response observation point
This section considers different calculation rules to transform a given set of response
functions into the desired set damage functions. Unlike response, damage is not specific to a
particular ground motion record or observation point. Any rule will therefore involve two
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operations referred to as record reduction and floor reduction. The damage functions will
eventually be combined with the probability of occurrence of the ground motion intensities.
A reference rule is selected first. It has been shown that the peak interstory drift and floor
acceleration responses to a set of ground motion records scaled to the same peak ground
acceleration can be considered log-normally distributed (Aslani and Miranda 2005).
Constructing the corresponding probability density function constitutes the reference record
reduction step. The mean value ri(s) and the variance i,(s) 2 of each response parameter
over the ground motion records are determined first, with N, the number of records:
r l(s)= 1 jrIpk(s) (2.17)
K k
p I 2 ipk - p(S) (2.18)N K k
The mean and variance of the natural logarithm of a response parameter are respectively
noted jtip(s) and ai,(s):
( .(s)
a1i(s) = ln 1 + 2  (2.19)
a i(s)2(s)= In (r) (s))- (2.20)
2
The probability density function for the values of a response parameter is also conditioned
by the ground motion intensity and noted pp(r I s).
pi,(r I s)= exp (n(r) ip(S))2 (2.21)
r Gi, (s),[27[ 2ai,(s)2
The fragility function of each system is now introduced to calculate damage. Because the
fragility functions are nonlinear, damage is calculated at each point of a floor separately, and
the average is then considered. This reference is rule called LOGK.
dOK(s)= N f fi(r)pip(r ls)dr (2.22)
where Pi set of observation points on floor j
N,1 number of observation points on floor j
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Alternative rules to construct damage functions from the response functions are now
introduced. A first option is to calculate damage at each point and for each ground motion
record before averaging over the points of a floor and the set of records. This rule produces
a damage value for every response parameter value obtained from the incremental response
analysis. In the following, the damage calculation rules that do not consider probability
distributions are named after the type of argument passed to the fragility functions. The
fragility functions are applied to elementary response parameters in this first alternative rule,
which is called ELEM.
dL M s) N kN (s)) (2.23)
k pi k pePI
Calculating damage for an average response value is equivalent to averaging over the damage
values if the response values are all in the no-damage range, the full-damage range or the
intermediate range of the relevant trilinear fragility function. Even if a set of response
functions features some dispersion, their values could all be in single fragility range for most
ground motion intensities. As an illustration, the dispersion of the peak acceleration across
the floors of a building experiencing torsion when responding to ground motion is shown
on Figure 2.28. The length and color of each mark correspond to the magnitude of the peak
value recorded, and the marks are oriented in the direction of the acceleration when the peak
occurred. The orientation of the peak acceleration has no effect of the damage assessment
but reveals the torsional behavior of this particular structure. The peak acceleration is only
uniform at ground level, where it matches the peak ground acceleration. However, the
magnitude of the peak acceleration remains relatively consistent across each of the other
floors and especially for the lower ones. For regular structures that experience no torsion,
response is always uniform across each floor. Based on these observations, we consider
performing floor reduction before using the fragility functions to calculate damage. A
motivation is that reducing the response to a single drift and acceleration value at each floor
results in a synthetic description of the behavior of the structure that is useful to the analyst.
The average response over a floor is noted rk(s).
rijk(s) = 1 rp(s) (2.24)
A first option for the record reduction is to construct the probability density function of the
average floor response, assuming that it is also log normally distributed. Substituting rik(s) for
riPk(s), a procedure equivalent to the one described by equations (2.17) to (2.21) yields p;1(r I s).
Each of the new probability density functions is combined with the relevant fragility
function to determine damage. This rule is named LOGKP.
d LOGYP (s) (r)p (r s)dr (2.25)
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Figure 2.28 - Local peak floor acceleration response to ground motion
(struct. M6-2.5 and record LP40)
Another option is to calculate damage directly from the average floor response values. This
is repeated for each ground motion record, and the average damage over the records is
determined. This rule is referred to as AVGP.
dgVGP i jk(s)) (2.26)
K k
We now consider averaging the response over the ground motion records before calculating
damage. Like for the floor reduction presented above, providing a single drift and
acceleration value to represent the response of a floor to a variety ground motion records is
of practical interest. We also consider the case where record reduction is performed at every
point separately, so that the effects of the floor and record reduction steps can be compared.
These last two rules are named AVGK and AVGKP.
d AVGK ipk 1-7
d$VGK N N rlpk(s) (2.27)
1 1
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The damage assessment procedure is applied to the benchmark buildings with the 6
calculation rules introduced above. The relative difference in damage estimate between the
last 5 rules and the reference one are listed in Table 2.9 for selected structures.
Because the differences between ELEM and the reference LOGK and between AVGP and
LOGKP are both very small, we conclude that considering the lognormal distribution for the
response parameters has little effect on the damage assessment. From the same set of
figures, we note that the differences between LOGKP and LOGK and between AVGP and
ELEM are also small, meaning that averaging the response over the points of a floor has also
little effect on the damage assessment. This can also be seen by comparing AVGKP to AVGK.
These last two calculation rules, however, yield damage estimates that are an order of
magnitude further away from the reference. The differences are negative, and we conclude
that averaging the response over the ground motion records leads to non-conservative
estimates of damage. It is possible that this trend is due to the composition of the set of
records, but in that case the sensitivity of the damage assessment to the record selection is
also undesirable.
Based on these observations, the calculation rule AVGP is selected for the damage assessment
method proposed in this dissertation. Its practical advantage is to summarize, for each
ground motion record, the response of the structure with a single drift and acceleration value
at each floor and to then determine damage consistently form these synthetic values. The
average floor responses can also be calculated directly as part of the incremental response
analysis, simplifying data management when processing the analysis results.
Table 2.9 - Effect of the damage calculation rule on the damage
estimate
Struct. 8 ELEM(/) eLOGKP(/() 8 AVGP(f) SAVGK(/) eAVGPK (/0)
M6-2.5 0.96 -0.88 0.03 -9.31 -9.73
B5-2.5 0.42 -0.69 -0.20 -8.36 -8.52
D9-2.5 1.05 0.00 1.05 -11.54 -11.54
D7V-2 0.76 -0.55 0.19 -9.01 -9.12
M4-2 0.54 0.00 0.54 -6.25 -6.25
B4-2 0.21 0.00 0.21 -6.11 -6.11
M3-2 0.06 -0.88 -0.82 -7.47 -7.86
B3-2 0.07 -0.31 -0.25 -4.76 -4.83
D3-2 0.72 -0.47 0.23 -6.31 -6.57
x dx - dLOGK dx damage estimated with indicated method X
dLOGK dLOGK damage estimated with reference method LOGK
Figure 2.29 summarizes the comparison of the damage calculation rules across the
benchmark structures. No outlier is excluded from the box plots, which have little statistical
significance since the set of benchmark structures is not representative of any particular
building stock. We notice that, for the 5 alternative rules and a majority of benchmark
structures, the difference in drift damage with the reference rules is more significant than the
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difference in acceleration damage. The plots also confirm that averaging over the ground
motion records (AVGK and AVGPK) systematically leads to an underestimate of damage with
the set of records considered.
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Figure 2.29 - Dispersion across the benchmark structures
of the damage calculation rule on the damage estimate
of the effect
Since viscous damping optimization is proposed as an application of the damage assessment
method in this dissertation, we determine the effect of the calculation rule on the damage
assessment of structures with different levels of proportional damping. In particular, we
investigate whether averaging over the ground motion records becomes possible for highly-
damped structures. Results for the 3-story moment-resisting frame M3 and dual frame D3
are summarized on Figure 2.30. We notice that damping does affect the difference between
the reference and each of AVGK and AVGPK, but only moderately and in opposite directions
for the two structures. Damage in highly-damped structures should therefore still be
determined separately for each ground motion record.
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Figure 2.30 - Sensitivity to damping of the effect of the calculation
rule on the damage estimate (struct. M3, left and D3, right)
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2.5.2 Collapse Scenarios
The most important consequences of building collapse are the casualties among the
occupants of the building or the people that are close to the structure when it fails. Although
one could choose to include casualties in the proposed damage assessment method by
considering the people as another damage system, we decide to not model casualties in this
dissertation. An underlying reason is that preventing damage also prevents casualties.
Optimizing structural design to control damage results in high-performance building
structures that go beyond the code requirements primarily concerned with life-safety.
However, the benchmark buildings used in this dissertation include structures of poor
seismic performance for which collapse may be a concern in the event of a major
earthquake. Collapse is therefore considered in this section, although this is done from a
damage perspective only.
A review by Villaverde (2007) points out the difficulty of estimating collapse probabilities
and the variety of methods that have been proposed. A first approach is to detect collapse
during a nonlinear incremental dynamic analysis (Zareian and Krawinkler 2007b; Eads et al.
2012). Another option, used by Hazus, is to simply assume a collapse probability when
excessive values of drift are reached. The latter option is considered in this dissertation.
The damage functions assembled in section 2.5.1 above assign a damage value to any ground
motion intensity assuming that the building is still standing after an earthquake of that
intensity. This case is referred to as a no-collapse scenario. If major structural failure occurs
and causes collapse of the building, calculating damage on a system and floor basis is no
longer relevant. We propose to include the collapse scenarios by adapting the Hazus
methodology. The Hazus model for collapse is to assign a collapse probability to a building
whose structural system reaches its maximum damage state. The different systems of the
building are also assigned a damage value that applies when the structure collapses. This
model is used to modify the damage functions of the proposed method as follows:
d (s) = [1 - P(s)] dij(s) + P(s) dc (2.29)
where d,(s) damage function of the intensity s in system ij assuming no collapse
d1c damage value after collapse
P(s) collapse probability function
d c(s) damage function including the collapse scenarios
The modified damage functions diic(s) can then processed in place of the original ones to
estimate annual damage. The damage values di' to consider in each system after collapse are
retrieved or adapted from Hazus, but the collapse probability function P(s) applicable to the
entire building is yet to be determined. Note that P(s) is not a probability distribution
function. It associates, deterministically, a collapse probability to any level of ground motion
intensity. To determine P(s), we first express the fragility rule proposed by Hazus with a
function Q(8) that relates collapse probability to structural response:
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Q(8)8= (2.30)PC 8>8c
where 8 peak interstory drift ratio (PIDR)
8 c PIDR threshold of complete structural damage state
Pc collapse probability in complete structural damage state
The PIDR threshold 8c depends on the structure type and the code level. For the steel
frames and the moderate code level considered in this dissertation, it ranges from 3% (high-
rise) to 6% (low-rise). The collapse probability Pc also depends on the structure type and
ranges from 3% (high-rise) to 8% (low-rise) for the benchmark structures. A high-rise
building is therefore assumed to reach its complete structural damage state for a lower drift
value, but it has then a lower chance of collapsing in that state. The highest collapse
probability is 15% and is associated with low-rise pre-cast concrete frames.
In the proposed damage assessment method, the PIDR is recorded at multiple points on
each floor. While the average value over a floor is used for the no-collapse damage
calculations, the maximum value is also relevant for the collapse analysis. The maximum
PIDR is for example an appropriate parameter to study the progressive collapse
mechanisms, where a local failure propagates and eventually causes global collapse. These
two options to determine floor-specific PIDR values are referred to as AVG and MAX in the
following.
8AVG(s) average PIDR at floor j in response to ground motion record k
8 ^(s) maximum PIDR at floor j in response to ground motion record k
Drift is determined at each floor, but collapse affects the entire building. We consider two
methods to apply the Hazus fragility rule to the different floors of the building and reduce
the results to a single collapse probability function. We can first assign the collapse
probability Pc to the structure when drift exceeds the threshold value for at least one of its
floors. The collapse probability then remains the same if other floors reach their complete
structural damage state. This method is referred to as IN since the floors are considered
independently. The corresponding collapse probability function is:
P (s) = Q(max(8jk(s))) (2.31)
A second option is to increase the collapse probability with the number of floors reaching
the complete structural damage state. The collapse probabilities of the floors are combined,
and the method is referred to as CB in the following. The corresponding collapse probability
function is:
P C(s)=1 -7 (1 - P(8jk (s))) (2.32)
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In the above expressions for PkIN(s) and PkCB(s), the drift term 8 ,k(s) is either 8jkAVG(S) or
8jkm(s), resulting in 4 possible collapse probability calculations. Each option is used to
modify the damage functions as described in (2.29), and damage is estimated for the
benchmark buildings from the updated functions.
The relative increase in damage estimate due to including the collapse scenarios is listed in
Table 2.10 for selected benchmark structures. The figures are small, exceeding 1% in only
one case. These results are explained by the low collapse probabilities provided by Hazus,
but also by the fact that collapse occurs for structures that are already heavily damaged. In
particular, the nonstructural components sensitive to floor acceleration are essentially
destroyed before the structure reaches a state where collapse is a concern. This has been
observed in the aftermath of actual earthquakes in areas such as California, where stringent
building codes are implemented to prevent major structural failure. The proposed damage
assessment method captures this trend. In Table 2.10, we notice that the collapse scenarios
contribute less to the overall damage for structures B4 and B3, which are short braced
frames primarily sensitive to acceleration.
Comparing the AVG and MAX methods, we determine that considering the maximum drift
over each floor instead of an average value can more than double the effect of the collapse
scenarios for the irregular structures subjected to torsion. Comparing IN to CB, we see that
increasing the collapse probability with the number of floors reaching a complete structural
damage state does not affect the damage assessment dramatically, although the effect is more
important for the taller structures that have more floors.
Table 2.10 - Relative increase in damage estimate due to collapse
consideration
Struct. eAVG-IN (/) 8 MAX-IN (% 8 AVG-CB (/) eMAX-CB ()
M6-2.5 0.47 0.80 0.95 1.98
B5-2.5 0.07 0.14 0.15 0.35
D9-2.5 0.26 0.26 0.86 0.86
D7V-2 0.07 0.17 0.21 0.53
M4-2 0.26 0.26 0.30 0.30
B4-2 0.04 0.04 0.08 0.08
M3-2 0.16 0.35 0.17 0.43
B3-2 0.00 0.00 0.00 0.00
D3-2 0.15 0.30 0.16 0.31
d - dNc dc damage estimate including collapse scenarios 
of
eC NC probability determined with the indicated method C
d dNC damage estimate assuming no collapse
The effect of damping on the above observations is finally determined. On Figure 2.31, the
contribution of the collapse scenarios to the damage assessment is shown to decrease with
increasing damping ratios for all collapse probability calculation methods. While adding
damping keeps decreasing drift and therefore the collapse probability, there is a limit to how
much floor acceleration can be mitigated. Although the contribution of the collapse
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scenarios is never significant with the data considered in this dissertation, this last trend is
meaningful for implementing performance-based design. Traditional design requirements
such as collapse prevention are likely to be satisfied in the product of a performance-based
design process. They could therefore be disregarded while designing the structure and simply
checked on the final design.
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Figure 2.31 - Sensitivity to damping of the relative increase in damage
estimate due to collapse consideration
2.6 Hazard
The damage functions constructed in the previous section associate a level of damage with
any earthquake intensity. To estimate the overall damage that a building could sustain, we
take into account the likelihood that earthquakes of different intensities occur at the site of
the building. This last piece of information is referred to as the seismic hazard in this
dissertation. This section introduces the functions used to quantify hazard in the proposed
damage assessment method and discusses how the intensity of ground motion is measured.
2.6.1 Hazard Functions
The seismic hazard data presented below and used in the studies is provided by the United
States Geological Survey (USGS). Despite the uncertainty inherent to the study of rare events,
the data regularly refined by USGS is considered a reference and has many applications. It is
for example used in building codes to set seismic design requirements. The codes typically
focus on a few earthquake intensities associated with particular return periods, such as the
typical 500-year or 2,500-year events. A level of performance, from immediate occupancy to
life safety, is then prescribed for the structure responding to these intensities and turned into
practical quantitative design criteria.
The proposed damage assessment method, on the other hand, considers a continuum of
ground motion intensities. The occurrence of these intensities over time is therefore
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described by continuous functions, which are referred to as hazard functions in the
following. A hazard function is specific to a particular measure of ground motion intensity
and to a particular site. These 2 points discussed respectively in sections 2.6.3 and 2.6.4
below. A hazard function can then be considered in several forms that are convenient for
specific applications. The following forms of hazard function are used in this dissertation:
1
N(s) = (2.33)
T(s)
n(s) - N(s) - N(s + ds) dN (.4
ds ds
P(s, y) = 1 - (1 - N(s))y (2.35)
p(s, y) = dP(s, y) = n(s) (1 - N(s))' ' (2.36)ds
where s ground motion intensity
T(s) return period
N(s) annual exceedance frequency (AEF)
n(s) AEF density
y number of years
P(s,y) exceedance probability (EP)
p(s,y) EP density
The return period T(s) is the average time, in years, between two earthquakes resulting in a
ground motion of intensity exceeding s. Its inverse the AEF is the form under which the
hazard data is provided by USGS. A differential form of the AEF is needed for combination
with the continuous damage functions. The EP is then probability P(s,y) that at least one
earthquake of intensity greater than s occurs in a period of y years. The differential form of
the EP is used to calculate expected maximum value in a number of years for the ground
motion intensity or the structural response:
SE(y) f sp(s, y)ds r E(y) f jr(s) p(s, y)ds (2.37)
S=O S=O
SEEE
where SE(y) expected maximum intensity
rE(y) expected maximum response
r(s) response function
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2.6.2 Data and Function Interpolation
The annual exceedance frequency (AEF) for several measures of ground motion intensity
and at any U.S. location can be retrieved through the Ground Motion Parameter Calculator,
a software tool made available by USGS. The intensity measures are acceleration quantities
and are discussed in section 2.6.3 below. For a particular location and intensity measure, the
data provided is a set of approximately 20 points associating AEF values to logarithmically-
spaced intensity values. The damage assessment method, however, requires an AEF function
that is continuous and differentiable. We propose to fit a polynomial function to the data
points in logarithmic scale, so that the AEF and its derivative can be expressed analytically as
follows:
N,
N(s) = ex { pZ In(s)i (2.38)
n(s) p In(S) eX L P; In(S)J (2.39)
i=0 i=0
where N(s), n(s) AEF and AEF density functions of the ground motion intensity s
N, degree of fitted polynomial
p fitting parameter
The curve fitting parameters are listed in Table 2.11 for the peak ground acceleration (PGA)
in Los Angeles, CA (zip code 90028), which are the standard intensity measure and location
considered in this dissertation. When fitting a hazard function, more weight is given to the
ground motion intensities that effectively contribute to the annual damage estimate. The
quality of the fit is not important for the very low ground motion intensities, which
correspond to tremors that do not cause damage in buildings. The fitted function may even
be ill-behaved for this range of intensities since the lower bound for the annual damage
integration is the first intensity where damage is not zero. The fit can also be of poor quality
for the highest intensities because their contribution to lifetime damage is negligible due to a
low occurrence probability. The range of intensities contributing to the damage estimate is
visible on the damage density functions, an example of which is shown on Figure 2.8 above
(p. 30). The proposed curve fitting method is applicable to hazard functions of different
shapes, as shown on Figure 2.32. Polynomials of degree 4 to 8 were used depending on the
intensity measure and location.
Table 2.11 - Curve fitting parameters for the annual exceedance
frequency of the peak ground acceleration in Los Angeles, CA
i pi i pi
0 -1.58 3 3.47 10-2
1 -1.13 4 7.74 10-4
2 -1.88 10-1 5 -3.12 10-3
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Figure 2.32 - Annual exceedance frequency functions fitted to the
USGS data points
2.6.3 Measures of Ground Motion Intensity
The annual exceedance frequency (AEF) is provided by USGS for 7 measures of ground
motion intensity: the peak ground acceleration (PGA) and the spectral acceleration
corresponding to 6 periods between 0.1 s and 2.0 s, all with the same damping ratio of 5%.
The process used to assemble this data is detailed a companion report (U.S. Geotechnical
Survey 2008). In the following, the spectral acceleration measures are referred to as SAO.1 to
SA2.0. Alternatives to PGA and SA as measures of ground motion intensity for structural
analysis have been proposed but are rarely used (Musson 2000; Tothong and Luco 2007).
In the incremental response analysis, the ground motion records are scaled to increasing
values of a particular intensity measure. A ground motion record aggregates 3 orthogonal
acceleration records, and we propose to measure the PGA and the SAs of a ground motion
record as effective quantities over the two horizontal directions.
yeff = max j(t)+y (t) (2.40)
t
where Yff effective horizontal PGA
y(t ground acceleration in direction g
seff effective horizontal SA associated with period T and damping ratio (
S'r, (t) absolute acceleration of a single degree of freedom of period T and
damping ratio responding to ground acceleration in direction g
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When scaling a ground motion record to a desired intensity, the same scaling factor is
applied to the 3 orthogonal acceleration components. To illustrate the extent to which the
SA quantities depend on the frequency content of each ground motion record, the 16
records selected for the standard damage assessment method are scaled to a unit PGA, and
the SA of the scaled records are measured. The results are summarized on Figure 2.33. The
variation over the SA quantities of the mean amplification matches the typical shape of an
acceleration response spectrum. There is, however, significant dispersion across the different
records for each SA quantity. The full response spectrum for each of the 16 records are
provided in Appendix B, and the different shapes among these spectra reflect the same
dispersion
Intensity Measure
SAO.1
SAO.2
SAO.3
SA0.5
SA1.0
SA2.0 F-- -
0 0.5 1 1.5 2 2.5 3 3.5 4 4.5 5
Accel. Amplification
Figure 2.33 - Dispersion of the SA quantities across 16 ground motion
records scaled to PGA = 1 ft.s-2
During the incremental response analysis, the ground motion records are scaled to increasing
values of a particular intensity measure and applied to the structure. The analysis results are
then processed into damage functions whose parameter is the same intensity measure. At the
end of the procedure, the hazard function for yet the same intensity measure must be used
to determine the annual damage. In the following, damage is estimated for the benchmark
structures using different intensity measures. The hazard functions for the standard Los
Angeles location are used. The relative differences between the damage estimates based on
the PGA and the damage estimates based on the different SA quantities are shown on Figure
2.34.
Intensity Measure
SAO.1
SAO.2
SAO.3
SA0.5
SA1.0
-40 -20 0 20 40 60
Damage Rel. Diff. from PGA (%)
Figure 2.34 - Dispersion of the relative difference between PGA-based
and SA-based damage estimates across the benchmark structures
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An explanation for the overall lack of consistency on Figure 2.34 is the discrepancy between
the small set of ground motion records and benchmark structures used in this study and the
complex seismicity models and data considered to establish the hazard functions. We notice,
however, that SAO.3 produces damage estimates that are more consistent with the PGA than
with any other SA for the structures considered.
The above study is repeated with the hazard functions at other U.S. locations, and the results
are summarized on Figure 2.35. The selection of the locations is discussed in section 2.6.4.
Fewer intensity measures are considered as the hazard functions for the other measures are
not available at all locations. For the Hilo, HI location, the median relative difference
between the PGA-based damage estimate and each of the SA-based estimates is small, but
the spread around the median value is still significant. The Charleston, SC and Memphis, TN
locations clearly stand out in this analysis. As shown on Figure 2.36 below, these locations
feature hazard functions with similar, flat shapes that explain this difference.
Damage Rel. Diff. from PGA (%)
50
25 
-
. Los Angeles, CAI 0FAj =San Francisco, CA
0 do =Anchorage, AK
=Hilo, HI
-25 - Charleston, SC
Memphis, TN
-50
-7 5 -........... ------- - . ..- - - -- - . ..-
SAO.2 SAO.3 SA1.0
Intensity Measure
Figure 2.35 - Dispersion of the relative difference between PGA-based
and SA-based damage estimates across the benchmark structures
Based on the above observations and recalling some results on structural response
dispersion presented in section 2.3.2, we conclude that the PGA is not less appropriate than
any of the SA quantities to serve as intensity measure in the proposed damage assessment
method. The PGA is then preferred to SA in this dissertation because it has a more direct
physical meaning and is independent from any period or damping level, making it an
exclusive property of the ground motion.
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2.6.4 Location Comparison
Hazard functions are fitted to the data provided by USGS for a set of U.S. locations. In this
dissertation, locations are designated by city names. However, the hazard information
depends on the local geological conditions and the position with respect to potential sources
of earthquakes, which can vary within a large city or a city located in an area of high seismic
activity. For instance, the site-specificity of seismic hazard within the Los Angeles area has
been pointed out by Trifunac and Todorovska (2004). Current USGS data set contains hazard
information specific to zip codes rather than entire cities.
The annual exceedance frequency (AEF) for the peak ground acceleration (PGA) is shown
on Figure 2.36 for selected locations. The first set of functions corresponds to 3 California
sites. The San Francisco and Berkeley locations are close geographically but feature different
geological conditions that affect the hazard function. We then note that the overall shape
and magnitude of the hazard function for the Los Angeles location is similar to the ones for
the Bay Area. The second set of functions corresponds to 3 locations in Eastern U.S. areas
of significant seismic activity. The 3 functions consistently feature a flatter shape than for the
California locations, reflecting a greater relative number of large earthquakes. The third set
of functions corresponds to 2 islands in Hawaii. In this case, the hazard functions are steeper
than for the California locations, reflecting a greater relative number of small earthquakes.
We also note the significant difference between the 2 Hawaii locations. The AEF for small
and moderate ground motion is higher in Hilo than in California, while the seismic hazard is
an order of magnitude lower in Honolulu. Los Angeles is selected as reference location for
the benchmark buildings for its average hazard function shape, as the relative number of
small and large earthquakes affects some of the studies presented in the following chapters.
N (y1 ) N (y-')
1 1
10 ..... - 10...... ..... ... 1. . .. ... ......
10~2 10-2
10~ 10-
10 1 10 10' 1 10
PGA (ft.s-2) PGA (ft.s-2
mLos Angeles, CA MCharleston, SC *Memphis, TN
mSan Francisco, CA *Berkeley, CA mNew Madrid, MO
Figure 2.36 (a) - Annual exceedance frequency of the peak ground
acceleration at various U.S. locations
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Figure 2.36 (b) - Annual exceedance frequency of the
acceleration at various U.S. locations
peak ground
2.7 Summary
A practical procedure to transform the results of structural response analysis into an estimate
of lifetime seismic damage was proposed at the start of this chapter. The steps of the
procedure and the data and assumptions on which it relies were then studied. An originality
of this work is to quantify the effect of these parameters on the final damage assessment,
using a set of benchmark structures as examples. Major observations and conclusions are
summarized below, along with some decisions made on the implementation of the method
and applicable in the rest of this dissertation.
Ground motion (section 2.3) and seismic hazard (section 2.6)
The selection of ground motion records and the scaling of these records to specific
intensities prior to structural response analysis were discussed.
" The peak ground acceleration is an appropriate measure of the ground motion
intensity. The spectral acceleration for the first mode of the structure does not
produce estimates of damage that are inherently more consistent across the different
ground motion records.
" The dispersion of the damage estimates across different sets of ground motion
records is greater for drift-sensitive damage than for acceleration-sensitive damage,
and it decreases with damping. This contributes to the overall consistency of the
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damage assessment method, as acceleration-induced damage tends to dominate. The
applicability of damage assessment to damping optimization proposed in Chapter 5
is also enhanced.
For the studies in this dissertation, the peak ground acceleration was selected as
measure of ground motion intensity for its physical meaning and independence from
the structural properties. A set of 16 ground motion records was assembled, as a
tradeoff between consistency and computational efficiency.
Fragility Model (section 2.4)
The Hazus model to describe damage in building stocks was adapted to the analysis of
specific structures for design applications. The parameters of the model were discussed.
" The relative contributions of different damage systems to the overall building
damage are sensitive to the properties of the structure. Analysis of the estimated
damage reveals the behavior of the structure under earthquake loading, enhancing
the applicability of damage assessment to structural design.
" The dispersion in structural response across the floors of a building causes damage
to be floor-specific. The floors must be distinguished to produce a relevant estimate
of the overall damage, and the single degree of freedom system idealizations are not
acceptable.
" For the studies in this dissertation, only the structural, nonstructural drift-sensitive
and nonstructural acceleration-sensitive damage systems are considered. We also
assume that the benchmark structures are office buildings designed to a moderate
code level.
Damage Calculation from Structural Response (section 2.5)
" A distribution-free formulation, where damage is calculated deterministically from
the response to each ground motion record, is proposed. A single drift and
acceleration parameter at each floor is sufficient to capture the seismic behavior and
estimate damage in irregular frames. This calculation method is adopted in this
dissertation.
" Ignoring casualties, the collapse scenarios have a marginal effect on the damage
assessment and become negligible in high-quality structures. This observation
highlights the difference between damage consideration and the traditional approach
to structural design, where collapse prevention under extreme events is a typical
constraint.
The damage assessment procedure studied in this chapter starts from the results of structural
response analysis, which is the focus of the next chapter.
70
Chapter 3 Incremental
Response Analysis
This chapter focuses on the first step of the damage assessment method, where the response
of a structure to multiple ground motion records and intensities is simulated. A selection of
methods to analyze structures under seismic loading is considered, and the methods are used
in the damage assessment procedure alternately, affecting its output and runtime. From these
observations, we discuss the suitability of each method for damage assessment and its
potential applications to design and optimization.
3.1 Introduction
Structural analysis methods for earthquake engineering are presented in this section. The key
characteristics of each method and their implications for the damage assessment procedure
are summarized, and a basis for a comparing the performance of the methods at estimating
damage is proposed.
3.1.1 Elementary Response Analysis Methods
An elementary analysis determines the response of a structure to a particular ground motion
record scaled to a particular intensity. For damage assessment, structural response is
described as a set of peak interstory drift ratios and peak floor accelerations. An analysis
procedure that can determine these response parameters is considered an elementary method
in this dissertation, despite the other applications it might have in earthquake engineering.
We distinguish 4 families of elementary methods based on a pair of key properties, as shown
in Table 3.1. To evaluate earthquake damage, elementary analyses are performed as part of a
larger incremental analysis. An incremental analysis produces the response functions from
which damage is eventually estimated. The process requires of a number of elementary
analyses, and this number depends on the characteristics of the elementary method.
The properties of the elementary methods are discussed below, with a focus on their effect
on the incremental analysis. The discussion is summarized in the equations of Table 3.1,
which show how the response functions are constructed from the elementary analysis
results. The response functions are the interface between the structural response analysis
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step discussed in this chapter and the rest of the damage assessment procedure presented in
Chapter 2.
Table 3.1 - Response function construction from elementary analysis
results
Properties Elementary Analysis Method Response Function Construction
Nniersi. -s s -s.Nonlinear Nonlinear Direct Integration r(s) = max r, (t) + s max r (t)IDynamic sjg -Si t s -s- t
Nolnersg-s s -s.Nonlinear Pushover r(s) = 1+ r1  + rStatic si+ -si si+1 - si
Linear 
- Linear Direct Integration r(s) = s maxI r,(t)Dynamic - Mode Superposition S e, t
Linears
Static Spectral Combination r(s)= -
s ground motion intensity (s; < s < si+i in above equations for nonlinear methods)
si intensity for which an elementary analysis is performed
ri(t) time history response to intensity si
r; estimate of peak response to intensity si
r(s) response function, used for damage assessment
An elementary method is first either linear or nonlinear. In a linear analysis, the response of
the structure is proportional to the amplitude of the applied ground acceleration. The
response functions produced for damage assessment are also linear since the measure of
ground motion intensity is the peak ground acceleration. Linear functions would also be
obtained if spectral acceleration was used as intensity measure. Constructing a linear
response function requires a single analysis with the ground motion record scaled to any
reference intensity. Consequently, the number of elementary analyses to perform for damage
assessment is only the number of records considered.
The downside of a linear method is that it does not capture the effects of the physical
nonlinearities of a structure on its response to seismic loads. A linear response function
describes a structure that is perfectly elastic and that dissipates the energy brought in by the
earthquake at the same rate for any response amplitude. In an actual building, nonlinearities
can significantly affect the behavior of the structure during an earthquake. For example, the
yield of a stiffness component connecting two floors may result in a larger interstory drift
between these floors and smaller accelerations on the floors above. Other nonlinear effects,
such as load redistribution at localized stress concentrations, have more moderate
consequences and can even be negligible. The different sources of nonlinearity and their
relative importance during the response to an earthquake are discussed in Chapter 4. In the
current chapter, we only consider the overall effect of the nonlinearities on the estimate of
damage. An important approximation in the proposed damage assessment method is that it
separates the modeling of damage in the response analysis from the calculation of damage
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based on the analysis results. In particular, structural damage can be estimated from linear
analysis results, which do not capture the nonlinear behavior caused by structural damage in
actual buildings.
When a nonlinear analysis method is used, scaling the ground motion to a different intensity
does not automatically result in the same scaling of the structural response. The response
functions produced for damage assessment are therefore nonlinear. Constructing a nonlinear
response function requires repetition of the elementary analysis for a number of intensities.
An interpolation rule is then used to determine the response to any intensity from the
analysis results. Linear interpolation was used in all studies. A response function is specific to
a ground motion record and can be erratic. Yet, the damage functions involved in the
numerical integration of the damage estimate have more regular variations because they
consider average values over all records. This effect, visible for example on Figure 2.5
(p. 29), allows linear interpolation when the number of points is sufficient.
An elementary analysis method is then either static or dynamic. A dynamic analysis
determines the response of a structure in the time domain over the duration of the applied
ground motion. A time history function is produced for each response parameter, and its
peak value is used in the response function for damage assessment.
In this dissertation, a static method is an attempt to estimate the peak response of a structure
to a particular ground motion record without calculating the time history response first. The
static methods listed in Table 3.1 - spectral combination and pushover - exist in many
variants and are commonly used in the practice of earthquake engineering. The purpose of a
particular variant is not necessarily to estimate the peak response to ground motion. The
pushover methods are for instance more appropriate to evaluate yield and ultimate capacities
or to analyze failure mechanisms. Vamvatsikos and Cornell (2001) pointed out the limited
consistency between the pushover and dynamic methods to estimate the response of a
structure to increasing ground motion intensities. Pushover methods are therefore not
considered in this study. Not calculating the time history response decreases the
computational effort, but the downside of a static method is that the phase information
between the modes of the structure activated by the earthquake is missing. Since damage is
controlled by peak responses, not detecting that some modes are in phase at particular times
can affect the damage assessment.
3.1.2 Chapter Objectives and Organization
The damage assessment method starts with an incremental response analysis, whose runtime
depends on the underlying elementary analysis. Some elementary methods are faster or need
to be repeated fewer times than others. When the incremental analysis is complete, the
response functions are processed into a damage estimate. Because the response functions are
assembled from the results of the elementary analyses, the value of the damage estimate is
also affected by the choice of an elementary method. This chapter proposes to compare the
accuracy of the damage assessments and the computational effort to produce them when
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different elementary methods are used. An objective is to provide guidelines to select an
elementary method based on two factors: the building to evaluate, and the use that is made
of the damage assessment. In particular, we seek to identify a method for the optimization of
damped building structures with lifetime damage included in the cost function to minimize.
Some variants of the spectral combination methods considered in this chapter have been
introduced relatively recently for the specific task of estimating peak structural responses
(Kumari and Gupta 2007). Other methods, however, have been used to analyze the behavior
of structures under seismic loading for decades. The originality of the studies presented in
this chapter is to apply each method to damage assessment and to use the damage estimates
as a basis for comparison.
Studies comparing the structural response estimated from different analysis methods are
available in the literature. The conclusions of these studies, however, could not be
extrapolated into guidelines to select an elementary method for damage assessment. Beyond
the use of different test problems in different papers, a difficulty is the lack of consistency
between the implementations of the analysis methods applied to different tasks. For the
studies presented in this dissertation, the different methods were implemented in the same
software environment designed to ensure consistency in the estimates of story drift and floor
acceleration. An overview of the software setup is provided in Appendix C.
The nonlinear direct integration method is chosen as reference. As a nonlinear dynamic
method, it captures the changes in structural properties that may occur during an earthquake
and takes them into account as the analysis continues. The process of direct integration
simulates the physics of the structure with no particular assumptions. The simulation,
however, is performed on a nonlinear finite element model that is an approximation of the
real structure. Setting up the model is a critical task for the accuracy of the direct integration
method, and the modeling assumptions used in this chapter are presented in section 3.1.3.1.
Throughout this chapter, we will work on the assumption that direct integration produces
accurate estimates of the peak structural response. The studies on nonlinear modeling
presented in Chapter 4 show that the uncertainty in the direct integration results is small
compared to the differences between these results and the ones produced by other
elementary methods. Such differences are considered as errors introduced by the use of less
accurate analysis methods.
The computational effort to estimate damage is also compared between the different
methods. The runtime of the full damage assessment procedure is considered as a basis for
comparison because the number of elementary analyses performed for an assessment
depends on the elementary method.
The runtime and accuracy of the damage assessment procedure relying on each analysis
method is evaluated in a section of this chapter. As reference, nonlinear direct integration is
considered first (section 3.2). The damage assessments are assumed accurate, and a strategy
is proposed to minimize the time needed to produce them. A more drastic step toward
runtime reduction is taken by considering linear dynamic methods, first with the linear direct
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integration (section 3.3) and then with the real mode superposition (section 3.4). We
determine that these methods are acceptable alternative to nonlinear direct integration under
certain conditions. Variants of the spectral combination methods are finally evaluated
(section 3.5), and we show that the damage assessments obtained with these methods are not
sufficiently consistent to support design and optimization applications
3.1.3 Assumptions
The assumptions presented below are consistently applied to the different analysis methods
discussed in the rest of this chapter.
3.1.3.1 Simulated Time in Dynamic Methods
When a dynamic method is used, the runtime of the incremental analysis has a component
proportional to the cumulative duration of the ground motion records. This duration is
referred to as the simulated time in this dissertation. Because damage is estimated from the
peak values of the response parameters, a dynamic analysis can be terminated after each
parameter has reached its peak value. However, as illustrated on Figure 3.1 and Figure 3.2,
the occurrence time of the peak response is difficult to predict. Symmetrical structures are
considered in these examples, so that drift and acceleration are always uniform across each
floor due to the absence of torsion.
Floor Floor
3M4-2 mSF20
3 M4V-2 3 mSF32
2 B4-2 2SF39
m134-10 m SF46
1 -----1-
0 2 4 6 8 0 2 4 6 8
PFA Occurrence Time (s) PIDR Occurrence Time (s)
Figure 3.1 - Occurrence times of the Figure 3.2 - Occurrence times of the
peak floor acceleration response peak interstory drift response
(ground motion record SF39) (struct. M4-2)
We first notice that the peak response occurs at different times for different floors. Figure
3.1 shows discrepancies between structures of same shape but different stiffnesses and levels
of damping. In particular, the addition of damping from M4-2 to M4V-2 and from B4-2 to
B4-10 delayed the peak acceleration response in the upper floors. On Figure 3.2, the peak
response occurrence times are shown for the same structure subjected to different ground
motions recorded during the same earthquake. The recording stations are located at different
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distances from the epicenter and the records are not synchronized, preventing comparison
of the occurrence times. However, we still note that the last floor to experience peak
response is not the same for all the records.
Although the occurrence time of the peak response is not known before a dynamic analysis
is performed, it is possible to determine an upper bound by inspecting the ground
acceleration records. An analysis can also be terminated when it is detected that the
amplitude of the response is decreasing toward a state of rest. The first strategy was
implemented in a conservative manner for the studies presented in this dissertation.
When discussing runtime in this chapter, we assume that each dynamic analysis terminates
when the last response parameter reaches its peak value. This is done only to produce a fair
comparison of runtime between the dynamic methods. In practice, occurrence time of the
peak response is not predictable with sufficient precision to implement this optimal cutoff.
The dispersion across the benchmark structures of the simulated time is shown on Figure
3.3 for each ground motion record, whose acceleration time histories are available in
Appendix B.
Peak Response Time (s)
20- -
15
10 - T - -
0
Ground Motion Record
Figure 3.3 - Dispersion of the peak response occurrence time across
the benchmark structures
The static methods considered in this chapter rely on spectral quantities, which are the peak
responses of the modes of the structure. Spectral quantities are read off of pre-calculated
response spectra and require no computational effort.
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3.1.3.2 Structural Models
Building structures can be idealized to various degrees. To study the response of a building
to ground acceleration, the ultimate idealization is to consider a single degree of freedom
system with parameters matching the fundamental modal properties of the structure.
However, like for most practical applications of dynamic analysis, a finer model is needed to
support the damage assessment method. The type of analysis to be performed must also be
considered when setting up a model. Different analysis methods are studied in this chapter,
and we propose to implement all analyses on the same structural model for consistency.
The 4 types of elementary analysis considered can all be implemented on any finite element
model. In the linear and nonlinear direct integration methods, the model is used to generate
equilibrium equations that are solved for the deformations of the structure when loads are
applied to the nodes of the model. The methods other than direct integration rely on the
vibration modes of the structure, which are determined from the mass and stiffness matrices
assembled from the finite element model. Not just any model may be used to study the
effect of the analysis methods on the damage assessment. The finite element model must be
sufficiently complex, for two reasons presented below.
The model first needs to represent the overall properties of the structure realistically for the
analysis results and the subsequent damage assessment to be relevant. The floors of a
building must be distinguished in the model as damage was shown to be floor-specific. We
choose to neglect in-plane floor deformations by assigning a diaphragm constraint between
the nodes of each floor. This constraint does not prevent building torsion, and non-uniform
peak drift and acceleration can still be observed across a floor. With the diaphragms in place,
finite elements are not needed to model the stiffness of the floor slabs. The masses of the
slabs must still be included, and we assign them to the nodes of the floor according to their
tributary areas. The interstory stiffness also needs to be correctly modeled. The global
amount of stiffness at a story and its distribution over the floor plan both affect the modes
of the structure. The interstory stiffness components are therefore represented individually
in the finite element model. These components are columns and braces for the benchmark
structures, as concrete cores and shear walls are not considered.
The finite element model must also include enough complexity for the differences between
the analysis methods to be activated. For instance, the single degree of freedom system
mentioned above only has one mode and would yield the same result with any analysis
method based on the peak modal responses. But with the discrete floors and the distributed
interstory stiffness considered, many modes are obtained. There is no theoretical limit to the
complexity of a finite element model, as nodes can always be added by splitting elements.
The number of nodes affects the runtime of the direct integration methods exponentially,
along with the modal analysis on which the other methods rely. Because the damage
assessment procedure requires many analyses, we keep the finite element mesh as simple as
needed for the structural components to behave properly. Then, the nonlinear character of
an analysis method is only relevant if the analysis is performed on a nonlinear model. We
therefore include finite elements with nonlinear relationships between forces, displacements
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and velocities. These relationships are parameterized, but there is no consensus on the value
of the nonlinear parameters. For the purpose of comparing the analysis methods, activating
the nonlinear behavior is more important than the precise value of the nonlinear response.
We therefore decide to use simple nonlinear relationships that capture the standard
nonlinear behavior assumed in seismic analysis. Nonlinear modeling is further studied in
Chapter 4, where we observe that different typical nonlinear models result in similar damage
assessments.
The shape of the nonlinear relationship for steel components is shown on Figure 3.4. It is
applicable to both axial and bending members. Nonlinear behavior is activated when the
force reaches the yield capacity Cy. In the yielded range, the rigidity drops to 5% of its elastic
value. A hysteretic behavior is assumed as a steel component cycles through its elastic and
yielded ranges, effectively dissipating energy.
Force Force
Deformation
Figure 3.4 - Force-deformation relationship in
and resulting hysteretic behavior (right)
Deformation
steel members (left)
For some benchmark structures, the model includes elements representing viscous dampers.
The nonlinear behavior of these elements is described in Figure 3.5. A viscous damper has a
capacity C1) corresponding to the maximum force it can develop. Figure 3.6 shows the force
recorded in a damper during two earthquake simulations with the same ground motion
record scaled to two values of the peak ground acceleration (PGA). When the PGA is
doubled, the force is doubled until it reaches the capacity of the damper and levels off.
Force
C Do -- -- --- --- -------
0
-Co
Velocity
Figure 3.5 - Force-velocity
relationship in viscous
dampers
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Figure 3.6 - Force recorded in a viscous damper
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3.2 Nonlinear Direct Integration
Nonlinear direct integration is the reference method for elementary response analysis. As a
nonlinear dynamic method, it is also the most expensive computationally. After summarizing
the direct integration algorithm, this section presents a strategy to minimize the number of
analyses performed for damage assessment.
3.2.1 Procedure
In the direct integration method, a system of differential equations (3.1) representing the
equilibrium of the nodes of the finite element model is solved at discrete time steps. In a
three-dimensional problem, the number of equations is 6 times the number of nodes, with
the displacement vector describing the 3 translations and the 3 rotations of each node. The
external load vector contains the forces induced by the ground acceleration and is therefore
different at each time step. In the nonlinear direct integration, the stiffness and damping
matrices are also assumed to vary over time to represent the changes in structural properties
caused by deformations and internal forces.
MUt + C t +KtUt = Ft (3.1)
where t time step
M mass matrix (all matrices are underlined)
C, damping matrix
K, stiffness matrix
Ft external load vector (all vectors are over-lined)
Ut structure displacement vector
Two types of damping are distinguished in the damping matrix (3.2). Proportional damping
is added to the equilibrium equations by the analysis solver to account for the energy
dissipated by components or mechanisms that are not represented in the finite element
model. The proportional damping matrix is a linear combination of the mass and stiffness
matrices (3.3). The factors of the combination are determined by assigning a particular
damping ratio to a pair of vibration frequencies. The second matrix term corresponds to
local damping and is assembled from the finite element model by collecting the
contributions of the energy-dissipating elements.
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C = C +CL (3.2)
CP = Kt + M (3.3)
where C- proportional damping matnx
2 local damping matrix
Q, Rayleigh damping parameters
The Newmark method (Newmark 1959) is used to integrate the differential equilibrium
equation. The method has become a standard in structural dynamics, and the equations
needed to implement it are recalled below. They are obtained by expanding the differential
equilibrium equation in a Taylor series and assuming that the acceleration varies linearly
between the time steps.
At each time step, an effective stiffness matrix is assembled (3.4). The parameters P and y are
used to tune the algorithm.
K M+ C +K (3.4)(3At 2 - pAt
where Kt' effective stiffness matrix
P, y integration parameters
At integration time step
Similarly, an effective load vector is constructed (3.5). It is based on the mass and damping
properties of the structure, but also the current state of deformation, velocity and
acceleration.
Ft'=Ft +M p2Ut 
- Ut + -p Ut)
(3.5)
+C Ut- 1+1Ut +At 1+ys--Ut)'
pAt P 2 t
where Ft' effective load vector
The displacements of the structure at the next time step are determined by solving between
the effective stiffness and the effective load (3.6). This step is particularly expensive
computationally. The Newmark method can be made more efficient by choosing to not
update the effective stiffness matrix at every time step. In this case, the stiffness matrix is
triangularized after each update and can be used to solve for the displacements at several
consecutive time steps.
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Kt 'Ut+At = Ft' (3.6)
The new velocities (3.7) and accelerations (3.8) are obtained from the new displacements and
the previous state of the structure.
Ut+At (Ut+At -I-t)+ i+ t + 1+y-3Ut
pa p 2)
Ut+At = tU4t - Ut)+ Ut+ Ut (3.8)
@At2 @At 2
The OpenSees implementation of the Newmark method was used for the nonlinear direct
integration analyses presented in this dissertation. The standard values y 0.5 and p 0.25
were assigned to the integration parameters.
To construct the response functions needed for damage assessment, the nonlinear direct
integration (NDI) analysis must be repeated for each ground motion record scaled to
increasing intensities. The pseudocode in Table 3.2 corresponds to this simple but expensive
process. A strategy to reduce the number of elementary analyses performed is proposed
next.
Table 3.2 - Incremental response analysis with nonlinear direct
integration as elementary method
1 For each ground motion record k
2 For each ground motion intensity si
3 Perform NDI to determine response rk (si)
si+-s s-s.4 D (S) = i+1 rk(Si)+ Si(+1 Si <Si<1 Si+1
Si+1 Si Si+1 - Si
s ground motion intensity
rNDI (s) response function, used for damage assessment
3.2.2 Intensity Range Reduction
The time needed to solve the differential equilibrium equations with the Newmark method is
reduced by representing structures as lighter finite element models, with fewer nodes
resulting in fewer equilibrium equations. The average computation time of a time step is also
reduced if the effective stiffness matrix is not updated at every step. Implementing these
strategies reduces the runtime of each elementary analysis.
To further reduce the runtime of the incremental response analysis, this section proposes a
method to minimize the number of elementary analyses to be performed by limiting the
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range of intensities that needs to be covered. This runtime improvement must not affect the
annual damage estimate. Accepting a loss of accuracy on the damage assessment to obtain it
more rapidly is why alternatives to nonlinear direct integration (NDI) are considered in the
following sections of this chapter.
The incremental analysis relying on NDI produces nonlinear response functions. These
functions, however, remain linear for a range of low ground motion intensities. The forces
and deformations induced by a ground acceleration of low amplitude are not sufficient for
the structural components to behave nonlinearly. In the equilibrium equation (3.1), the
stiffness and damping matrices do not vary over time, and as a result the displacements,
velocities and accelerations are proportional to the external load.
As an illustration, the linear and nonlinear response functions for the peak interstory drift
ratio (PIDR) and the peak floor acceleration (PFA) of a 4-story moment-resisting frame
subjected to a single ground motion record are superposed on Figure 3.7. The peak ground
acceleration (PGA) is the measure of ground motion intensity. The intensity at the onset of
nonlinear response is 13 ft.s-2 , after which the PIDR of the 1V floor becomes nonlinear. The
threshold intensity depends on the response parameter, and in this example the PFA of the
4 h floor remains linear until a PGA of 21 ft.s-2
PIDR (%) PFA (ft.s-2)
2 .. .8 0 ------------ -. .. ----
Floor
1.5 -60
12 40
m3
0.5 ---- I 4 1 20 -----
0 0
0 10 20 30 40 50 0 10 20 30 40 50
PGA (ft.s-2 ) PGA (ft.s-2)
Figure 3.7 - Onset of nonlinear drift (left) and acceleration (right)
(struct. M4-2, record N025)
A single elementary analysis with each ground motion record is needed to construct the
response functions in their linear range, and we propose to detect the upper bound of this
range to skip unnecessary analyses. In the modified incremental process, each ground
motion record is first scaled to a minimum intensity, for which linear behavior is guaranteed.
A first analysis is performed at that intensity to determine the slopes of the response
functions in the linear range. The effective stiffness matrix is never updated during this first
analysis. The ground motion record in then scaled to a higher intensity, for which nonlinear
response is expected. The intensity is gradually decreased from this high value, and a NDI is
performed for each intensity level. The process ends when the value of every response
parameter is considered sufficiently close to the low-intensity slope previously determined.
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Equation (3.9) characterizes the intensity at the onset of nonlinear response, which is
different for each ground motion record. A tolerance value e R = 0.5% is used in the
following. For any benchmark structure and record considered in this study, the average
relative difference between linear and nonlinear response over the parameters is less than
0.1% when the maximum allowable difference for any parameter is set to 0.5% as s.
___ I kR < RSP jr(Rsp)I V(39
MIN rijk(SMN ijk( ik '9)
where s ground motion intensity
S MIN minimum intensity considered, for which linear response is guaranteed
r1 1k(s) response function to ground motion record k for parameter governing
damage in system i at floorj
eSP allowable error on structural response parameters
skRSP intensity at the onset of nonlinear response, defined as the highest
intensity satisfying (3.9)
On Figure 3.7 above, we notice that the response functions can cross their initial slopes in
the nonlinear range. However, because this does not occur at the same intensity for all
response functions, it is unlikely that condition (3.9) is satisfied anywhere in the nonlinear
range. It is important to verify that all response parameters are on their respective initial
slope simultaneously to declare the response of the structure linear. For safety, a last analysis
can be performed at the next lower intensity.
The structures that better mitigate the effects of seismic loads remain linear at higher
intensities. This is illustrated on Figure 3.8 with the interstory drift ratios of a 3-story braced
frame whose proportional damping is increased from 2 % to 20%. The former value
represents inherent damping only, and the latter includes damping that is both inherent and
added to the structure. Ignoring the floor accelerations in this example, we determine that
adding damping shifts the onset of nonlinear response by 10 ft.s- . The range of intensities
for which NDI analysis must be performed is therefore reduced by the same amount.
PIDR (%) PIDR (%)
1.5 Floor 1.5 -
01
1 - . 2 1
w3
0.5 - . - . - . - . 0.5 -
0 0
0 10 20 30 40 50 0 10 20 30 40 50
PGA (ft.s-2 ) PGA (ft.s-2)
Figure 3.8 - Onset of nonlinear drift with 2% damping (struct. B3-2,
left) and 20% damping (struct. B3-20, right) (record LP10)
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The addition of damping also decreases the deviations from the linear functions after the
response becomes nonlinear. It is minimal for the lower two floors and only occurs at high
intensities for the 3rd floor in the above example. This observation motivates the
consideration of linear analysis methods in the following sections of this chapter for the
design of damped structures.
Detecting linear response saves a number of analyses at low ground motion intensities. We
now propose a strategy to determine the highest intensity to consider in the incremental
analysis process. We rely on the shape of the damage density functions, which suggest that
the high ground motion intensities have a limited contribution to lifetime damage due to
their low probability of occurrence.
The damage functions are constructed simultaneously with the response functions by adding
a point to the function definition after each elementary analysis is performed. Assuming that
the intensities are considered in increasing order, the damage functions are always known up
to a particular intensity. The functions are not known for the higher intensities, but bounds
can be provided. A lower bound is to assign the last known damage value to all higher
intensities, and an upper bound is to assume full damage. Bounds on the annual damage
estimate can then be calculated from the bounding damage functions. Expressions for the
lower bound (3.11) and the upper bound (3.12) are given as functions of the last intensity for
which damage has been determined.
DDET (s) = dDET(a)n(a)da (3.10)
0
DLOw (s) = DDET (s) + d(s)N(s) (3.11)
Du'(s) = DDET (s)+ dFUUN(s) (3.12)
where s highest intensity for which damage has been determined
dDET (a) determined building damage function, for 0 5 a < s
DDET(s) determined contribution to annual damage
DLOW(S) lower bound on annual damage
Dup(s) upper bound on annual damage
dFULL full building damage value (typ. 1.0)
N(s), n(s) annual exceedance frequency (AEF) and AEF density functions
The proposed lower bound is only valid if the building damage function never decreases
with increasing intensity. It was previously noticed that the response function to a particular
ground motion record can decrease over a range of increasing intensities, and the 4t floor
acceleration of Figure 3.7 above is an example. However, when damage is determined for
the entire structure and the full set of ground motion records is considered, the overall
damage function is always strictly increasing for the benchmark structures of this study.
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As an illustration of the above equations, Figure 3.9 shows the actual and bounding damage
functions for a benchmark building. The actual damage function was determined for the full
range of intensities shown on the figure, while the bounding functions assume that the
structure has been analyzed for intensities up to 1 g only. The bounds on annual damage are
obtained by integrating the corresponding damage density functions, also shown on Figure
3.9. We notice that the lower bound is a better approximation for the damage density
function and, consequently, for the annual damage estimate. The actual damage function
moves away from its lower bound and gets closer to its upper bound as the intensity
increases, but the lower intensities dominate due to their higher occurrence probability.
Damage Annual Damage Density (x10-4 )
0.60.8
m Actual
mLower Est.
0.4 ..- mUpper Est.
0.2
0.2 . - .
0 O10
0 10 20 30 40 50 0 10 20 30 40 50
PGA (ft.s2 ) PGA (ft.s2 )
Figure 3.9 - Bounds on damage function (left) and annual damage
density function (right) when damage has not been determined for
intensities greater than 1 g (struct. B5-10)
We propose to terminate the incremental response analysis when the relative difference
between the bounds of the damage estimate is less than a desired accuracy (3.13).
Du (sDMG ) - DLW (sDMG) <SDMG DLCWV (SDMG) (3.13)
where DLOW/UP(S) lower and upper bounds on annual damage when damage has not
been determined for intensities greater than s
SDMG maximum allowable error on annual damage
s DMG upper cutoff intensity, defined as the lowest intensity satisfying (3.13)
Once the incremental analysis terminates, either bound may be considered as final value for
the annual damage. The actual error on the annual damage is then one of the following:
LOW LOW (s) - D up (S) Dup(s) - D
e (s)= D () (3.14)
where D actual annual damage
eLOWUP(s) error on annual damage due to considering the lower or upper bound
when damage has not been determined for intensities greater than s
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To compare the actual error on damage between the lower and upper bounds, a range of
maximum allowable errors is now considered. The upper cutoff intensity is determined for
each allowable error, and the actual errors considering either bound on damage are
calculated. The results shown on Figure 3.10 confirm that damage is better approximated by
its lower bound. In this particular case, the actual error is also a half order of magnitude less
than the maximum allowable error. After observing a similar trend on the other benchmark
structures, the allowable error eD" = 0.5% is selected for the rest of this study. With this
value, the average actual error on damage across all benchmark structures is less than 0.1%
when the lower bound is considered.
Actual Error
10~2
m |ELOWI-- -- -..... -- - 7 - UP-
10-3
10~
10-31.10
10-3 10-2 10-'
EDMG
Figure 3.10 - Sensitivity to the allowable error (eDMG) on the damage
estimate of the actual errors (esLOW, sUP) (struct. B5-10)
For a fixed value of the allowable error on the damage assessment, the upper cutoff intensity
depends on the structure being analyzed and on the seismic hazard at the site of the building.
A structure that better mitigates the effects of ground motion must be analyzed at higher
intensities because damage does not occur for the lower ones. As an example, Figure 3.11
shows that the cutoff intensity increases with the level of proportional damping applied to
the 3-story braced frame B3. The cutoff intensity is shifted by 15 ft.s 2 as damping is raised
from 2% to 2 0%. The same structure was used above to illustrate the onset of nonlinear
behavior at low intensities (Figure 3.8). For the same change in proportional damping, the
lowest intensity to consider increased by 10 ft.s-2. Overall, for this example, increasing
damping shifts the range of intensities to consider by 10 ft.s 2 and widens it by 5 ft.s-2.
Because the cutoff intensity is based on annual damage, it also depends on the hazard
function at the site of the building. The above studies were performed for the Los Angeles,
CA location. Figure 3.12 summarizes where the cutoff intensities lie for the full set of
benchmark structures when other locations are considered. The cutoff intensities are
significantly higher for the two Eastern locations (Charleston, SC and Memphis, TN). This
observation is consistent with the shape of the hazard functions discussed in section 2.6.4,
where we noted that high-intensity earthquakes were assumed to occur more frequently
relative to low-intensity events in the Eastern region.
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Figure 3.11 - Sensitivity to the Figure 3.12 - Upper cutoff intensity
allowable error on damage (eDMG) of (PGA) dispersion across the
the upper cutoff intensity (PGA) for benchmark structures with an
structures B3-2 to B3-20 allowable error on damage eDMG = 1%
The runtime of a NDI analysis is directly proportional to the simulated time, which is the
duration of the applied ground motion. For each ground motion record, the simulated time
and the number of analyses to perform are different. Equation (3.15) is an expression for the
runtime of the incremental response analysis based on NDI. Its terms all depend on the
structure being analyzed. In particular, the NDI rate drops exponentially as the number of
degrees of freedom increases.
NIINDI -H
ND D DMG _' (3.15)
(2 k
where T NDI runtime of incremental response analysis based on nonlinear direct
integration
CND nonlinear direct integration rate (simulated time/runtime)
SkRS, S2MG lower and upper cutoff intensities
tk simulated time for ground motion record k
The principle of the incremental response analysis is to cycle through the ground motion
records and intensities and to perform an elementary analysis for each combination. This
section introduced two methods to reduce the number of NDI analyses to be run and
therefore the runtime of the incremental response analysis. To implement both methods
simultaneously, the records and intensities must be considered in a particular order.
A modified incremental response analysis process is summarized as a pseudocode in Table
3.3. Before the process starts, a moderate ground motion intensity is selected. An ideal
choice is an intensity that is sufficiently high to induce nonlinear response with all ground
motion records, but sufficiently low to still contribute to the annual damage estimate. A
value of 0.5g is appropriate for the California locations. The lower intensities are considered
first. The ground motion records are treated separately (1) because the method to skip the
lowest intensities is to detect linearity on the record-specific response functions. To
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implement this method, the slope of the response functions in the linear range are
determined first (2). The moderate intensity is then considered (3), and analyses are
performed as the intensity is gradually decreased (4-5-6) until the linear response range is
reached (7-8). After this process is repeated for the different ground motion records, a new
series of analyses starts again with the records scaled back to the moderate intensity (9). The
intensity is now gradually increased (10- 11), and the response to all ground motion records is
determined (12-13) before moving on to the next intensity. An approximation of the damage
assessment is refined as the intensity increases, and the process terminates when the
uncertainty on the damage assessment is considered acceptable (14-15).
Table 3.3 - Incremental response analysis with reduced number of
nonlinear direct integrations as elementary analyses
1 For each ground motion record k
2 Perform NDI to determine response rk (sMN
3 Set intensity to moderate value si =SMOD
4 Repeat
5 Perform NDI to determine response r (s )
6 Decrement intensity to si = si-
7 Until (si /sMN )rk (SMIN k (Si) < P rk(Si)
8 Set intensity at onset of linear response to s = S
9 Set intensity to moderate value si = SMOD
10 Repeat
11 Increment intensity to si = si.1
12 For each ground motion record k
13 Perform NDI to determine response rk(s )
14 Until D'p(s) - DLO (s) < SDMG D Low (s)
15 Set maximum intensity contributing to damage to SDMG =
16 For each ground motion record k
NDI (S __=__ rRspS S RSP
rk RSPrk k
S k *
17 rNDI(S) Si+1 -s rk ) rk(Si+l) Si i+1
Si+1 Si+1 si
NDI NDI DMG 
5 DMG s
s
SMIN
SMOD
NDI (S)
DLOW/UP(s)
ground motion intensity
minimum intensity considered, for which response is linear
moderate intensity, in the nonlinear range and contributing
to damage
response function, used for damage assessment
lower and upper bounds on annual damage when damage
has not been determined for intensities greater than s
88
3.2 - Nonlinear Direct Integration
The effectiveness of the proposed procedure is evaluated by counting the total number of
analyses skipped for the benchmark structures. A simple way to convert a range of intensities
into a number of analyses is to assume that analyses are performed for unit increments of
the intensity, in ft.s. Three quantities are defined for the number of analyses skipped at low
and high intensities and the number of analyses that need to be run.
AsRSP = SP
ASDMG = NK (SMAX SDMG)
ASRUN = NK (SMAX SMIN) ASR.3P - ASIMG
(3.16)
(3.17)
(3.18)
where AsRSI)
ASDMG
DMG
NK
SMIN/MAX
number of analyses in the low-intensity ranges where response is linear
number of analyses in the high-intensity range that has a negligible
contribution to the damage assessment
number of analyses run
intensity at the onset of nonlinear response for ground motion record k
highest intensity contributing to the damage assessment
number of ground motion records
minimum and maximum intensities considered
The maximum intensity s"^ is only used to evaluate the high intensity cutoff system. It is
not needed to implement the incremental analysis process, where the intensity can simply be
increased until the cutoff is detected. With the allowable error e" = 0.5%, the highest cutoff
intensity among the benchmark structures is 76 ft.s-2. We therefore assume that the
maximum intensity considered without the cutoff system is s"^x = 80 ft.s- . The above
quantities are shown on Figure 3.13 for a selection of benchmark structures. As noticed
earlier, adding damping (2.5% vs. 10% for M6, B5 and D9) shifts the range of intensities to
consider but does not significantly affect its width. The stiffness of a structure B3 (B3, B3HS
and B3AS) has little effect on the range of intensities to analyze. The average reduction of
the range of intensities to analyze is 26.2% over the full set of benchmark buildings.
M6-2.5
M6-10
B5-2.5
B5-10
D9-2.5
D9-10
mAsRSP
OAsRUN
MASDMG
M4-2
M4V-2
B3LS-2
B3-2
B3HS-2
B3AS-2
Figure 3.13 - Fractions of NDI analyses run (AsRUN) and skipped
(AsRsP and ASDMG) in the incremental response analysis
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3.2.3 Reference Damage Estimates and Runtimes
Direct integration provides the reference response functions. Using the fragility model and
hazard function selected as standard for this dissertation, the reference annual damage
estimates are determined and listed in Table 3.4. Structural design is not the focus of the
current chapter, but a few trends are briefly commented on. Damping, either modeled as
proportional or local, systematically lowers the damage estimate. Adding damping is more
beneficial at low damping levels. It will be shown, however, that this last remark does not
necessarily hold when the cost of damping is considered. The results also suggest that
stiffness design has less potential as a damage mitigation strategy. Damage is reduced by
67% in structure B3 when damping is increased from 2% to 20%. From the same initial
structure, halving and doubling the stiffness result in damage estimates increased by 8% and
5% respectively. Redistributing the stiffness did lower the damage estimate, but only by 8%.
Table 3.4 - Reference annual building damage estimates (d)
Struct. d (10-3) Struct. d (10-3) Struct. d (10-3) Struct. d (10-3)
M6-2.5 2.82 M3-2 2.37 B3-2 2.19 D3-2 2.23
M6-10 1.39 M3-5 1.56 B3-5 1.33 D3-5 1.58
B5-2.5 2.38 M3-10 1.10 B3-10 0.94 D3-10 1.17
B5-10 1.15 M3-15 0.91 B3-15 0.80 D3-15 0.97
D9-2.5 2.53 M3-20 0.80 B3-20 0.73 D3-20 0.85
D9-10 1.22 M4-2 2.88 B3LS-2 2.08 D3V-2 1.21
B4-2 2.46 M4V-2 1.17 B3HS-2 1.95 D3HV-2 1.00
B4-10 1.09 B3AS-2 2.01 D7V 1.44
Table 3.5 lists the relative incremental analysis runtimes for the set of benchmark structures.
As a general idea of the computational effort, the fastest process was completed in 2 hours
and 3 min for structure M3-5 on a desktop that could be used in a structural design office,
and the longest one ran for 2 days, 6 hours and 36 min for structure D7V.
Table 3.5 - Reference incremental response analysis runtimes (T)
normalized to the fastest case (tmin = 2 hours 3 min)
Struct. /ITmin Struct. T/min Struct. r/tmin Struct. T/Tmi.
M6-2.5 11.54 M3-2 1.04 B3-2 1.92 D3-2 1.76
M6-10 9.72 M3-5 1.00 B3-5 2.07 D3-5 1.69
B5-2.5 10.15 M3-10 1.05 B3-10 1.99 D3-10 1.66
B5-10 8.92 M3-15 1.06 B3-15 2.11 D3-15 1.81
D9-2.5 4.42 M3-20 1.10 B3-20 2.15 D3-20 1.76
D9-10 4.14 M4-2 1.46 B3LS-2 2.08 D3V-2 1.84
B4-2 3.06 M4V-2 1.78 B3HS-2 2.01 D3HV-2 1.73
B4-10 2.94 B3AS-2 1.77 D7V 26.67
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3.3 Linear Direct Integration
Linear direct integration is an elementary response analysis method and is considered in this
section as a first alternative to its nonlinear counterpart. Under some conditions, neglecting
nonlinearities is found to have a limited impact on the damage assessment. An illustration of
this result and of the potential applications to design and optimization are then proposed.
3.3.1 Procedure
A linear direct integration (LDI) is obtained by performing any direct integration without
updating the properties of the structure in the equations of motion. The Newmark method
presented above (section 3.2.1) is used in this study. In the linear version, the effective
stiffness matrix is assembled and triangularized for the initial structure only. The
displacements of the structure under any new effective load vector are then determined
using the same triangular matrix.
Each linear elementary analysis is faster, but in addition a single elementary analysis is needed
to complete the incremental analysis process, as shown in Table 3.6. The response scales
with the intensity of the applied ground motion, and linear response functions are
constructed from the response to any arbitrary intensity.
Table 3.6 - Incremental response analysis with linear direct
integration as elementary method
1 For each ground motion record k
2 Perform LDI to determine response rk (SREF)
3 LDI __ REF
r (s)= REF k(s)
s ground motion intensity
SREF reference ground motion intensity (arbitrary)
rkLDI(s) response function, used for damage assessment
3.3.2 Performance Evaluation
Annual damage is estimated for the benchmark structures with LDI as elementary analysis
method. The results are compared in Table 3.7 to the reference values obtained using
nonlinear direct integration. The relative differences listed correspond to errors introduced
by neglecting the nonlinearities of the structural response. We note that the error is positive
in all cases but one, reflecting a tendency for the linear method to overestimate damage.
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A significant error of 51.2% is obtained for structure B3LS, a low-rise braced frame with an
exaggerated lack of stiffness. The lowest error in absolute value is 0.4% and is observed for
its unreasonably stiff counterpart B3HS. The stiffer braces are also stronger and yield under
ground motion of higher intensity. The difference is also explained by the nature of damage
in the building. The stiffer structure experiences full acceleration-induced damage before any
structural component is damaged and activates the nonlinear behavior.
The various damping cases are of interest considering the proposed application of the
damage assessment method to damping optimization. Proportional damping systematically
mitigates the error in damage assessment, and the more significant improvements are
observed at low damping levels. This observation is important for the development of a
damping optimization method, as optimal designs are expected to have more damping than
the amount inherently contained in a building.
However, the few local damping cases considered - with viscous dampers included in the
finite element model - suggest a more complex relationship between the level of damping
and the error on the damage estimate. First, the error drops from D3-2 to D3V-2 as local
damping is introduced, but it increases again from D3V-2 to D3HV-2 as more local
damping is added. Then, the only negative error is observed for structure M4V-2, which
includes local damping. These observations are due to the opposite effects on the structural
response of the steel and damper nonlinearities, and this topic is further discussed in
Chapter 4.
Table 3.7 - Error introduced by linear analysis on damage assessment
Struct. e (%) Struct. e (%) Struct. s (%) Struct. e (%)
M6-2.5 13.9 M3-2 16.0 B3-2 11.5 D3-2 15.4
M6-10 3.7 M3-5 7.0 B3-5 5.6 D3-5 5.8
B5-2.5 13.5 M3-10 2.4 B3-10 3.7 D3-10 3.5
B5-10 8.0 M3-15 1.1 B3-15 3.2 D3-15 2.8
D9-2.5 9.6 M3-20 0.5 B3-20 2.7 D3-20 2.4
D9-10 6.7 M4-2 15.4 B3LS-2 51.2 D3V-2 1.0
B4-2 8.5 M4V-2 -3.1 B3HS-2 0.4 D3HV-2 2.1
B4-10 4.5 B3AS-2 7.3 D7V 4.5
d LDI - de' dLDI damage estimated using linear direct integration
de N dNDI damage estimated using nonlinear direct integration
The runtime benefit of using LDI for damage assessment depends on the implementation of
both the linear and nonlinear methods. An estimate is obtained by assuming that both types
of elementary analysis have the same runtime, and that a nonlinear analysis is performed for
each unit increment of the ground motion intensity, in ft.s-1. In reality, each elementary linear
analysis runs faster, but fewer nonlinear analyses may be performed. With the above
assumption, the runtime of the linear incremental analysis is on average 1.73% of the
runtime of its nonlinear counterpart, with a standard deviation of 0.23%.
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3.3.3 Error Propagation
Linear direct integration (LDI) produces linear response functions, while sample response
functions obtained from nonlinear direct integration (NDI) were shown to be significantly
nonlinear (e.g. Figure 3.7 p. 82). Still, with NDI as reference, the error introduced by LDI on
the damage assessment was shown to be limited and decreasing with damping on Table 3.7
above. In the following, we illustrate the process by which visibly different response
functions can result in relatively close estimates of damage.
The 6-floor moment-resisting frame M6 is considered for this illustration, and the
benchmark structures M6-2.5 and M6-10 are treated in parallel. The only difference between
the structures is the level of proportional damping, with first mode damping ratios of 2.5%
and 1 0% respectively. The response, damage and damage density functions represent key
steps of the damage assessment procedure. In the following, these functions are shown for
the two structures considered and for the cases where NDI and LDI are used as elementary
analysis method.
Linear and nonlinear response functions showing the peak acceleration of 3 different floors
are superposed on Figure 3.14. As noticed above when detecting the onset of nonlinear
behavior, the nonlinear response function remains linear at higher intensities when damping
is added.
PFA (ft.s-2 ) PFA (ft.s-2)
40 D - --- 4 -
20 2
0 0
0 10 20 30 40 0 10 20 30 40
PGA (ft.s-2 ) PGA (ft.s 2)
Figure 3.14 - Acceleration response of 2nd (thick), 4th and 6th (thin)
floors with proportional damping of 2.5% (struct. M6-2.5, left) and
10% (struct. M6-10, right) (record N021)
The response functions are turned into damage functions in the damage assessment
procedure. The damage function for the full building is shown on Figure 3.15. The linear
and nonlinear damage functions separate at a higher intensity and remain closer to each
other for the structure with more damping.
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Damage
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PGA (ft.s-2 )
0.6
0.4.
0.2.
01-
0 10 20 30
PGA (ft.s-2)
Figure 3.15 - Building damage functions with proportional damping
of 2.5% (struct. M6-2.5, left) and 10% (struct. M6-10, right)
The damage functions are then combined with the annual exceedance frequency density of
the earthquake intensity to construct the damage density functions shown on Figure 3.16.
While the absolute difference between the linear and nonlinear cases increases for the
damage functions shown above, it remains small for the damage density functions because
the magnitude of these functions decreases.
Damage Density (x10-4 ) Damage Density (x10-4 )
1.51
1
0.51
0
0 10 20 30 40
PGA (ft.s-2)
0 10 20 30 40
PGA (ft.s-2)
Figure 3.16 - Building damage density functions with proportional
damping of 2.5% (struct. M6-2.5, left) and 10% (struct. M6-10, right)
The area under the damage density curve corresponds to the annual damage estimate. The
relative difference between the linear and nonlinear estimates of annual damage drops form
13.9% to 3.7% as damping is increased from 2.5% to 10%.
Linear analysis is not satisfactory in the traditional approach to performance-based design,
which focuses on the response of structures to high-intensity earthquakes. However, in this
section, we have shown that the linear method may be relevant if lifetime damage is
considered instead as a measure of seismic performance. Linear analysis is then especially
applicable to structures designed to mitigate seismic response effectively.
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3.3 - Linear Direct Integration
3.3.4 Design Application
Linear direct integration (LDI) allows estimating damage more rapidly by accepting a loss of
accuracy on the estimate. The conditions under which LDI is relevant and the magnitude of
the error on the damage assessment are discussed in Chapter 4. To motivate these studies,
this section demonstrates the potential application of LDI to earthquake engineering on a
simple, idealized design problem.
Among the benchmark structures used in this chapter, the low-rise moment-resisting, braced
and dual frames M3, B3 and D3 are analyzed with 5 levels of proportional damping. In the
following, we propose to determine the optimal level of damping for each structure and the
optimal combination of a structure and a damping level.
We evaluate the different options by calculating a total cost that includes the investment in
damping and the losses due to future damage. This cost is expressed as a fraction of the
initial building value. Assuming a design life of 50 years and a discount rate of 2%, the
lifetime damage is approximately 30 times the annual damage. We then assume that the
building has an inherent damping ratio of 2%, and that the cost of adding damping is
proportional to the square root of the additional damping ratio. This cost model where
adding damping becomes cheaper at higher damping ratios is justified by the design
optimization results presented in Chapter 5 and based on a finer model for the cost of
viscous dampers. The cost of reaching a damping ratio of 20% is assumed to be 3% of the
building value. The total cost is as follows:
0.03
c=30d+ 1- -0.02 (3.19)
06.18
where c total seismic cost, expressed as fraction of the initial building cost
d annual damage estimate
proportional damping ratio
The optimal design is the one whose cost is minimal when the annual damage estimated
precisely, using nonlinear direct integration (NDI) and the full set of ground motion records.
Assuming the computational resources limited, we propose to either use NDI with a single
ground motion record, or to switch to LDI with the full set of records. LDI was shown to
be about 2 orders of magnitude faster than NDI, while only 16 records are considered. As a
result, performing a single NDI analysis remains an order of magnitude slower than running
the full set of LDI analyses.
For each of the 3 structures, the optimal damping option is correctly identified with the LDI
method. With NDI and a single ground motion record, the cheapest option depends on the
record considered. Figure 3.17 shows the number of NDI cases that identified each option
as the cheapest.
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Figure 3.17 - Number of nonlinear direct integrations identifying
each damping option as optimal for structure M3 (left), B3 (middle)
and D3 (right). The true optimal option is shown in red.
The study is repeated considering the 15 combinations of a structure and a damping ratio.
LDI selects the optimal design again, and the results for the NDI cases are shown on Figure
3.18.
3
2
1
0
Figure 3.18 - Number of nonlinear direct integrations identifying
each design as optimal. The true optimal design is shown in red.
In this simple example, considering the full set of ground motion records with an error on
each analysis yields better results than performing a precise analysis with a single record. This
suggests that considering a broad range of loading scenarios is more important than the
accuracy of the analysis under each particular loading when the objective is to assess the
overall performance of a structure.
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3.4 Mode Superposition
Mode superposition is another elementary response analysis method considered for the
damage assessment procedure. It is linear and dynamic, but computationally more efficient
than the linear direct integration discussed above. We only consider the real mode
superposition, for which the computational benefit is maximum. It introduces an additional
error on the response of structures with non-proportional damping, which may be analyzed
with the more expensive complex mode superposition. In this section, we evaluate the
runtime benefits of real mode superposition and its applicability to the damage assessment
of non-proportionally-damped structures.
3.4.1 Procedure
In the real mode superposition (MS) analysis, the undamped modes of the structure are
determined first, and damping is taken into account to calculate the time history responses
of these modes to ground motion. The time histories of the response parameters of interest
for damage assessment are then assembled as follows:
8,(t) = IzzT g (t)jfnlpd hpd (3.20)
d m gP
p mg =m mpd
d mg
(3.21)Yd
where p, p'
m
g, d
81(t)
OC1(t)
Yd(t)
vML(t)
ig (t)
ho
floor points, with point p' on the floor above and directly over point p
vibration mode
ground motion and structural response directions
effective interstory drift ratio, function of time t
effective floor acceleration
ground acceleration
mode relative displacement response to ground acceleration
mode relative acceleration response to ground acceleration
mode participation factor
mode shape component
interstory height (distance between points p and p')
A physical interpretation of the mode superposition method has been proposed by Chopra
(1996). For damage assessment, a single mode superposition is performed for each ground
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motion record, in a process applicable to all linear elementary analysis methods (Table 3.6
p. 91).
3.4.2 Mode Filtering
In this study, the modes of the structure are calculated with the PARPACK-superLU eigenvalue
solver available in OpenSees. The general time complexity of an eigenvalue algorithm is
O(n 3), with n the number of degrees of freedom in the finite element model. The degrees of
freedom that do not affect the global modes of a structure are removed from the finite
element model for efficiency. For example, the beams supporting the floors in a braced
frame are pinned to the columns and add rotational degrees of freedom to the system
without affecting its stiffness. In addition, each pinned beam can create a local mode, with
the beam vibrating within a fixed structure. These beams are therefore removed from the
model, and their masses are assigned to the nodes that used to define them.
The runtime of the eigenvalue solver increases with the number of modes to be determined.
It was decided to not consider any mode of frequency higher than 20Hz. The cutoff value of
20Hz is standard for the dynamic analysis of buildings, and the frequency content of the
ground motion records considered support this value. The average response spectrum over
the set of ground motion records scaled to a unit peak ground acceleration is shown on
Figure 3.19. The average amplification is 1.3 for a frequency of 20 Hz and the lowest level of
damping considered for any benchmark structure. With the low participation factors
calculated for the higher modes and the high damping ratios assigned to these modes by the
proportional damping model, we estimate that the modes of frequency higher than 20 Hz
have a negligible effect on the structural response. The participation factors and damping
ratios of the modes of frequency less than 20 Hz are listed in Appendix A.
Average Acceleration Amplification
2 .5 - ---- -----
2 ----- 2%
1 .5 -- ... ... .. - - -- -- -- 5 %
1- -10%
0.01 0.1 1
Period (s)
Figure 3.19 - Average over the 16 selected ground motion records of
the effective acceleration response spectrum
The responses of the modes to ground motion are determined by applying the dynamic
solver of OpenSees to single degree of freedom systems. When the eventual objective is to
estimate seismic damage, the runtime of the procedure can be improved by skipping the
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modes that do not contribute to interstory drift and floor acceleration. These response
parameters describe global horizontal deformations, while local and vertical modes can exist
at frequencies lower than 20 Hz in the finite element model of a steel structure.
A mode is local if the components of its mode shape are much larger for a few closely
located nodes than for the rest of the structure. Local modes may be caused by modeling
assumptions or exist in the actual structure. Their effect on the damage assessment is
minimal because average drifts and accelerations across entire floors are considered. A mode
is vertical if only the vertical components of its mode shape are non-zero. For damage
assessment, we consider interstory drifts and effective horizontal floor accelerations, and the
vertical modes can be neglected. Finally, a mode that is both global and horizontal is not
always activated by ground motion. The sensitivity of a mode to ground motion applied in
different directions is quantified by its participation factors.
Before calculating the responses of the modes to ground motion, we propose to filter out
the modes that do not contribute to interstory drift and floor acceleration. For each mode, a
measure of horizontal and vertical deformation is computed from the mode shape (3.22),
and' a measure of potential horizontal response is determined by taking into account the
participation factors (3.23). These quantities must satisfy two criteria for the mode to be
considered. With eDIR = 1, condition (3.24) requires the mode to be primarily horizontal. The
unit tolerance value is appropriate because in practice, building modes have either a strong
horizontal or a strong vertical character. Then, with eACr = 103 , condition (3.25) requires the
potential horizontal response of the mode to not be negligible compared to any other mode.
Inspection of the mode shapes and participation factors for the benchmark structures shows
that the proposed filter with the above tolerance values successfully identifies the modes
contributing to horizontal floor response.
H= max mp p2 Vm= max (3.22)
Pj pEP 1 pEP
UH =(Hmy (3.23)
Ov <se "R H (3.24)
U" > CACr max(UH) (3.25)
where <DmH/v measure of horizontal and vertical deformations in shape of mode m
Pi set of recording points on floor j
Np1  number of recording points on floor j
u mH measure of potential horizontal response of mode
F-W mode participation factor in ground motion direction g
eDIR deformation direction filtering parameter
e ^ CT mode activation filtering parameter
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The mode filtering results are summarized in Table 3.8 for the benchmark structures. They
are independent from the level of damping applied to each structure. Between 4 7% and 7 6 %
of the modes are filtered out, resulting in runtime improvements of the same magnitude for
the modal response analysis. Three of the four highest filtering rates are for the structures of
symmetrical floor plan D7, M4 and B4, whose torsional modes are not activated by ground
motion. Appendix A lists the properties of the modes included after filtering.
Table 3.8 - Mode filtering results
Struct. NT Nr NR L TL (s) 9PL/ 9P1 Struct. NT N NR L TL (s) 9PL/ 1Pl
M6 53 18 66% 39 0.072 5.81 M3 17 9 47% 9 0.086 2.99
B5 50 18 64% 48 0.06 4.66 B3 37 13 65% 36 0.059 3.24
D9 53 19 64% 51 0.052 9.22 B3LS 37 9 76% 9 0.100 2.70
D7 73 20 73% 60 0.064 6.02 B3HS 37 14 62% 37 0.051 3.13
M4 30 8 73% 11 0.071 4.39 B3AS 37 15 59% 36 0.066 2.95
B4 36 9 75% 35 0.071 3.52 D3 30 9 70% 11 0.086 2.91
total number of modes under 20 Hz
number of modes included after filtering
fraction of modes removed
L
TL
Vr
index of last mode included
period (sec) of last mode included
proportional damping ratio of mode m
3.4.3 Performance Evaluation
The mode superposition (MS) analysis is exact for linear structures with proportional
damping. For the proportionally-damped benchmark structures, the damage estimated using
MS is therefore identical to the one estimated using linear direct integration (LDI), and the
errors with the reference nonlinear direct integration (NDI) method are listed in Table 3.7
(p. 92). An additional error is introduced by the MS method for the non-proportionally
damped structures. The relative differences in damage assessment between MS, NDI and
LDI are listed in Table 3.9 for the benchmark structures modeled with non-proportional
damping. The MS method underestimates damage in all 4 cases. The error with NDI is near-
zero for structure D7V-2 because the additional error introduced by MS cancels the error
due to neglecting nonlinearities.
Table 3.9 - Relative difference in damage assessment between mode
superposition and direct integration methods
Struct. g1L (%) 8 LDI (%) SNDI (%)
M4V-2 15.2 -16.5 -19.1
D3V-2 10.8 -11.2 -10.3
D3HV-2 21.6 -19.4 -17.7
D7V-2 5.8 -4.4 -0.1
Proportionally-damped 0.0 0.0 same as Table 3.7 p.9 2
Xdms - dx ,L
= dMS
dx dx
first mode equivalent local damping ratio
damage estimated using mode superposition
damage estimated using method X indicated
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The runtime of an elementary MS analysis is dominated by its first two steps, which are to
determine the modes of the structure and their response to ground motion. The third and
last step is to superpose the responses of the modes to construct the response of the
structure. Across the benchmark structures and ground motion records, the last
superposition step represents between 0.5% and 2% of the runtime of the MS analysis. The
larger fractions correspond to the larger buildings. Because drift and acceleration are
observed at every structural node, the number of response parameters is approximately
proportional to the total floor area. The superposition step is repeated for every response
parameter, and its runtime is also proportional to the square footage of the building.
Comparatively, the floor area does not directly affect the number of global horizontal modes
that control runtime in the modal response analysis step. The number of modes to consider
is instead affected by the number of floors, their shapes and the interstory stiffnesses.
The runtime of the superposition step is neglected in the following. For the proposed
application of damage assessment to damping optimization, we also neglect the runtime of
the eigenvalue analysis since the real modes of a structure are not affected by the level of
damping, and therefore the analysis only needs to be performed once for the entire
optimization process. The runtime of the incremental analysis relying on MS is then
equivalent to the cumulative runtime of the modal response analysis to the different ground
motion records.
Ms =tk (3.26)
k
where 1CMS runtime of incremental response analysis based on mode superposition
NI number of modes included after filtering
Q MR modal response computation rate (simulated time/runtime)
tk simulated time for ground motion record k
The above runtime is listed in Table 3.10 for each benchmark structure and normalized to
the fastest case.
Table 3.10 - Runtime (r) of the incremental response analysis based
on mode superposition normalized to the fastest case (tmin = 3.12 s)
Struct. T/tmin Struct. r/Imin Struct. T/Tmin Struct. T/tmin
M6-2.5 3.53 M3-2 1.45 B3-2 1.85 D3-2 1.64
M6-10 2.85 M3-5 1.29 B3-5 1.77 D3-5 1.46
B5-2.5 3.14 M3-10 1.27 B3-10 1.56 D3-10 1.33
B5-10 2.59 M3-15 1.21 B3-15 1.58 D3-15 1.39
D9-2.5 3.49 M3-20 1.21 B3-20 1.58 D3-20 1.31
D9-10 3.00 M4-2 1.26 B3LS-2 1.42 D3V-2 1.33
B4-2 1.28 M4V-2 1.00 B3HS-2 2.02 D3HV-2 1.29
B4-10 1.12 B3AS-2 2.05 D7V 3.11
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The runtime of the incremental analyses based on MS and the reference NDI are compared
in Table 3.11, and MS is 3 to 4 orders of magnitude faster. The runtime of the MS analysis is
also more consistent across the benchmark structures. Larger and softer structures tend to
include more modes, but the runtime of a DI analysis grows exponentially with the number
of degrees of freedom. As a result, the difference in runtime between the two methods is
even more significant for the larger structures.
Table 3.11 - Runtime benefits of mode superposition
Struct. TNDI/TMS Struct. TNDI/TMS Struct. TNDI/fMS Struct. TNDI/MS
M6-2.5 7,752 M3-2 1,686 B3-2 2,463 D3-2 2,532
M6-10 8,065 M3-5 1,828 B3-5 2,762 D3-5 2,732
B5-2.5 7,634 M3-10 1,953 B3-10 3,021 D3-10 2,941
B5-10 8,130 M3-15 2,075 B3-15 3,155 D3-15 3,077
D9-2.5 2,994 M3-20 2,146 B3-20 3,215 D3-20 3,185
D9-10 3,268 M4-2 2,732 B3LS-2 3,460 D3V-2 3,268
B4-2 5,682 M4V-2 4,219 B3HS-2 2,347 D3HV-2 3,175
B4-10 6,211 B3AS-2 2,045 D7V 20,408
TNDI runtime of incremental response analysis based on nonlinear direct integration
tMS runtime of incremental response analysis based on mode superposition
The applicability of linear analysis to damage assessment is further discussed in Chapter 4.
When linear analysis is appropriate, the decision between linear direct integration and mode
superposition depends on the damping distribution. The faster mode superposition is the
method of choice for proportionally-damped structures, and its applicability to non-
proportional damping is discussed below.
3.4.4 Applicability to Non-Proportional Damping
The error introduced by the use of mode superposition (MS) to estimate damage in non-
proportionally damped structures is further discussed in this section. We distinguish two
sources of error. The linearization error is due to neglecting the nonlinear response to higher
ground motion intensities and is introduced by both the MS and the linear direct integration
(LDI) method. The non-proportionality error, on the other hand, is only introduced by the
MS method when applied to structures with non-proportional damping.
d' - dNDI
U NDI
where dMs
dLDI, dNDI
LIN NP8S 5
NP dms -d LDI
d LDI
(3.27)
damage estimated using mode superposition
damage estimated using linear and nonlinear direct integration
linearization and non-proportionality errors
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Both errors depend on the level of damping. In order to quickly repeat the nonlinear damage
assessment for a range of damping values, lighter two-dimensional models of the benchmark
structures are used in this study. The construction of the two-dimensional models is detailed
in section 4.1.2 (p.118), and the corresponding modal properties are available in Appendix A.
A first experiment considers an idealized 8-story building structure. Viscous dampers are
uniformly distributed over the height of the building. The damper properties are scaled to
vary the equivalent damping ratio L on the first mode of the structure between 0% and
50%. Each floor experiences pure shear deformation. The stiffness of the floors vaies
linearly between the bottom floor of stiffness kBOT and the top floor of stiffness k0O. Floor
stiffnesses are scaled so that the period of the first mode is always 0.6 s. The ratio kTOP /kBOT
is varied, with a value of 1.0 corresponding to the proportional damping case because of the
uniform damping distribution. The non-proportionality error on the damage assessment is
shown on Figure 3.20 for a range of stiffness distributions and damping levels. The error on
drift-induced damage is greater at high damping levels, but the error on acceleration-induced
damage increases more quickly for low damping values.
ENP(%) ENP(o
kTO'/kBOT 0
-10 -100 10
m80
-20 - m60 -20 -
w40
-30 2 -3
0 10 20 30 40 50 0 10 20 30 40 50
kL (%) kL (%)
Figure 3.20 - Non-proportionality error on drift-induced (left) and
acceleration-induced (right) damage
The trends observed above are now compared with the behavior of the two-dimensional
models D7VX and D7VY generated from benchmark structure D7V. Because D7V has a
dual structure system, D7VX is moment-resisting frame and D7VY is braced frame. The
damper parameters are scaled to vary the equivalent damping ratio ' on the first mode of
the structure. The non-proportionality error on the damage estimate is shown on Figure 3.21
for a range of damping ratios. The moment-resisting frame D7VX experiences more drift-
induced damage than the braced frame D7VY, and the relative shapes of the error functions
are therefore consistent with the above observations.
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Figure 3.21 - Non-proportionality error on total building damage
The contributions of linearization and non-proportionality to the total error introduced by
the MS method on the damage assessment are finally compared for two benchmark
structures. The damper properties of M4V and D3V are scaled to vary the equivalent
damping ratio ' on the first mode of each structure. The linearization error and the total
error, which is due to both linearization and non-proportionality, are superposed on Figure
3.22 for a range of damping ratios. We observe that the relative importance of the
linearization error decreases with increasing damping.
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10 10
0 M4 ~~~~ D3
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Figure 3.22 - Linearization error (eLIN, dotted) and total error
(e-N+NP, solid) introduced by mode superposition
The error introduced by the MS method on the damage assessment of non-proportionally
damped structures is too significant for design and optimization applications. When linear
dynamic analyses are performed in the rest of this dissertation, MS is only used when
damping is proportional, that is, when only the overall level of damping is of interest. When
the detailed locations and properties of the dampers are important, damping elements are
included in the model of the structure, and the LDI method is implemented instead. An
alternative, not considered in this dissertation, would be to use complex mode superposition.
This method has been reviewed by Velestos and Ventura (1986), and its computational
efficiency has been optimized (Mau 1988; Singh and Ghafory 1986).
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3.5 Spectral Combination
Spectral combination is an elementary response analysis method where the peak response of
the structure to ground motion is estimated from the peak responses of its vibration modes.
As a traditional and widespread method in the practice of earthquake engineering, spectral
combination is considered in this section to support the damage assessment procedure.
3.5.1 Introduction
In a spectral combination (SC) analysis, the peak responses of the modes are combined
directly, instead of determining the peak value of the superposition of the modes in the time
domain. Its advantage is that the peak modal responses, referred to as spectral quantities, can
be read off of a pre-computed response spectrum. A spectrum can be constructed for a
particular ground acceleration record, but idealized spectra are also used in the building
codes to describe typical earthquakes under which a structure must meet some requirements.
SC analysis is then required by the codes, where it is often called response spectrum analysis.
The traditional computational advantage of a pre-calculated response spectrum is no longer
relevant for the occasional analysis of a structure. Modal response analysis is quick and can
be performed when the spectral quantities are needed. However, skipping the modal
response analysis is beneficial in optimization where the structure needs to be analyzed many
times. In this section, we seek to determine whether SC is sufficiently accurate and sensitive
to structural design to be used in an optimization process that involves damage assessment.
The modes of a structure and their peak responses can be combined in a number of ways
corresponding to variants of the SC method. A variant can have a specific purpose, such as
producing a conservative estimate of the peak response or attempting to be more precise
with a risk of underestimating it. Yet, the accuracy and conservativeness of SC always
depend to some extent on the structure being analyzed and the ground motion record to
which it is subjected (Biondini et al. 2011).
In the following, we estimate seismic damage for the benchmark structures using a selection
of SC variants as the elementary analysis method. A SC variant is characterized by a
combination rule and its implementation parameters, detailed in the following. The different
combination rules have previously been compared based on their effect on the estimate of
structural response (Maison et al. 1983). This section proposes a new comparison based on
the estimated damage and to vary some rule implementation parameters in addition to the
combination rules themselves.
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3.5.2 Combination Rules
A generic expression is proposed to represent a spectral combination rule and its
implementation parameters for the purpose of this study.
x = sc (4m)r, m) (3.28)
m
where m vibration mode
x structural response quantity
qm mode shape quantity
crm spectral quantity
The structural response quantity is the physical quantity to be estimated. For damage
assessment, the response quantities of interest are the peak interstory drift ratios and the
peak floor accelerations. A mode shape quantity is assembled from the components of a
single mode shape. A spectral quantity is a measure of the peak response of a mode to a
particular ground motion record. The input to the spectral combination rule is a value of the
mode shape and the spectral quantity for each mode considered in the combination. The
output is a single value estimating the structural response quantity of interest.
Different shape and spectral quantities can sometimes be proposed to estimate the same
response quantity. In addition, it may be necessary to further process the result of a
combination rule to obtain the response quantity of interest. We therefore propose to
describe the full SC process as a combination rule and some implementation parameters.
The parameters relevant to the estimation of interstory drift and floor acceleration are
discussed in section 3.5.3 below.
A selection of 5 combination rules is considered in this study. The first 2 rules are commonly
used in earthquake engineering and typically available in software packages implementing the
response spectrum analysis. Expressions for the Sum of Absolute Values (say) and the
Square Root of the Sum of the Squares (srss) are as follows:
say (@m, P m) = m m (3.29)
srss(@m,a m)= L m (3.30)
The other 3 rules introduced below involve additional modal properties, noted as follows:
rn angular frequency (rad.s-') of mode m
En damping ratio
rnd participation factor of mode m associated with direction d
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The Complete Quadratic Combination rule (cqc) and the Double Sum rule (dbs) have a
similar form. They correlate every pair of modes with a term determined from the
frequencies and damping ratios of the two modes. The Complete Quadratic Combination
was first introduced by Wilson et al. (1981). In the following, indices i and j are used for the
modes in the mode correlation terms.
8 (9i +e 2)?/
P1J 2Y 2 4)(~i 2 2)C2)2
W1 (1-1ei +4gj 1+Qe +4 2 +g 2i
cqc ($m.om) =aj f3(a 1  (3.31)
m 11+
i l w 1~ +D W1i jWF 2
l+ 9DA~ + 9n G).
dbs(@m, )= 8mioacyit (3.32)
m
The last combination rule considered in this study was more recently proposed by Kumari
and Gupta (2007). This rule is specific to the estimation of peak floor accelerations and was
designed to produce close estimates rather than conservative ones. Three mode correlation
terms are first defined:
kl= 8L-i (2(1 - - ( oj i -oj Li
The rule requires the use of the peak absolute acceleration as spectral quantity, along with an
equivalent peak relative acceleration (3.33).
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u -y2 if T<Td and i,>yd
r2-= 0 if T<Td and "f < yd (3.33)
5 +y if T>Td
where yd peak ground acceleration in direction d
Td mean period of ground acceleration
6i. peak absolute acceleration response
rmd equivalent peak relative acceleration response
The mean period of ground acceleration is determined as the center of gravity of the Fourier
spectrum. Because the directional peak ground acceleration is involved, the rule is only
relevant to estimate directional floor accelerations. An expression is therefore given in terms
of a directional mode shape quantity Xmd. The combination rule is referred to as Floor-
Acceleration Specific (fas).
-1 2+ 1-dXjd i d idXid+
fas(2)= + + (3.34)
d1 id ij-j2+dxJd id id
3.5.3 Rule Implementation Parameters
Variants of the spectral combination (SC) method are obtained by applying the combination
rules to different mode shape and spectral quantities and by processing the combination
results in different ways. Setting these rule implementation parameters can affect the result
of the SC analysis as much as the choice of a combination rule.
3.5.3.1 Spectral Acceleration
When a combination rule is used to estimate interstory drift ratios, the spectral quantity is
always the peak relative displacement of the mode. But to estimate floor accelerations, the
peak relative and absolute accelerations are both valid candidates for the spectral quantity.
The spectral quantities are noted as follows:
vmd peak relative displacement of mode m responding to load in direction d
nmd peak relative acceleration
nma peak absolute acceleration
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The floor accelerations of interest are absolute, but considering the absolute acceleration of
the modes is not necessarily more relevant since their peak values may occur at different
times, when the ground acceleration has different values. The choice of a spectral quantity
does not apply to rule faso, whose definition includes specific spectral quantities.
3.5.3.2 Loading Direction
In this study, spectral combination is applied to three-dimensional models of the benchmark
structures. The modes of a symmetrical structure may be sensitive to a single loading
direction. But when the geometry of the building is irregular, a number of modes are usually
activated by the ground acceleration applied in both horizontal directions. The spectral
quantity used in a combination may account for one or both loading directions as follows:
DIR =|ffam (3.35)
MAX i'
orn max Imrnd (3.36)
d
m = i ma lg a m a (3.37)
d
s = max XI m Gma (t) (3.38)
t d
where amp spectral quantity for mode m responding to ground acceleration
applied in direction d
am" M spectral quantity accounting for both loading directions with the
method M indicated
In the above expressions, a directional spectral quantity is always weighted by the
corresponding mode participation factor. The first option (DIR) is only considered when the
shape quantity being combined is directional. With this option, the spectral quantity in the
direction of the shape quantity is used in the combination. The other options are the
maximum of the peak responses (MAX), the sum of the peak responses (SP) and the peak of
the sum of the responses (Ps). This last option is the true measure of the peak response of a
mode to ground acceleration applied in multiple directions. However, it cannot be assembled
from pre-calculated response spectra since the time history summation is different for each
structure. It is more expensive computationally than the two approximate options, which
represent the best (MAX) and worst (SP) scenarios for the synchronization of the responses to
the different ground acceleration components.
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3.5.3.3 Response Direction
Damage is calculated from effective values of interstory drift and floor acceleration, which
account for the responses in both horizontal directions. To determine effective drifts and
accelerations with a SC method, the combination rule can be applied to effective shape
quantities. An alternative is to apply the combination rule to directional shape quantities and
to transform the pairs of directional response parameters obtained into effective response
parameters.
A total of 4 methods are considered. In the first case, an effective shape quantity is
combined (EFF), and an effective response parameter is directly obtained. The other 3
options combine the directional response parameters obtained by combining directional
shape quantities.
xEFF SC2( X my X Jm) (3.39)
x = cS m(xfm)2 +sc (Xmy, am) (3.40)
xM = max (SC (X Om)SC (Xmam)) (3.41)
AVG sc(x,am)+sc(Xmy,m) (3.42)
2
where xM effective response parameter determined using the method M indicated
X=, xmy directional shape quantities
3.5.4 Performance Evaluation
For damage assessment, a single spectral combination (SC) analysis is performed for each
ground motion record, in a process applicable to all linear elementary analysis methods
(Table 3.6 p.91).
We suppose that different variants of the SC method may be used to estimate drifts and
accelerations in the same elementary analysis. Table 3.12 summarizes the variants considered
in this study for each type of response parameter. A total of 60 and 123 variants are
considered for drift and acceleration respectively. The loading direction options are
redundant for the symmetrical structures, whose modes are only sensitive to one component
of ground acceleration (D9, M4 and B4 among the benchmark structures).
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Table 3.12 - Compatible variants of the spectral combination method
Combination Spectral Loading Response Direction Number of
Rule Quantity Direction Variants
sav() srss() DM
Interstory cqc() dbs() Vm amIR XSS XM XAVG
Drift sav() srss() MAX SP PS X x XG 48
cqc() dbs() Vm am Om Om XEFF SRSS MAX AV
cqc dbs ) m m m SRSS X MAX XAVG
Accel. sav() srss() .. * MAX aSP aPS x x x x9cccc. dbs( m m m am orn XEFF XSRSS XMA XAVG
fas() n/a aD SRSS XMAX XAVG
Each variant is applied to the benchmark structures. Drift-induced or acceleration-induced
damage is determined for each variant and compared to the reference values estimated with
the nonlinear direct integration method. The absolute value of the relative error on the
damage assessment is considered for each comparison. This corresponds to the error
introduced by the use of a less accurate response analysis method.
On average across the benchmark structures, the lowest error on drift-induced damage is
obtained using the cqc( rule with the implementation parameters vmMAX and XMAX. The
average absolute error is 9.51%, with a standard deviation of 9.26%. This method considers
coupling between the modes (cqc), assumes that a mode is not fully loaded by both
components of ground motion simultaneously (vmAX), and that peak response does not
occur in both directions at the same time either (xaX). The spectral combination method
may be summarized as follows:
x = max(cqc(x,,v" ),cqc(X,,v"^7))
For acceleration-induced damage, a lowest absolute error average of 10.47% with a standard
deviation of 6.42% is obtained with the faso rule and the implementation parameter XMAX.
This result confirms the advantage of the method developed by Kumari and Gupta (2007). It
is also consistent with the optimal method identified for drift estimation on the non-
simultaneousness of the peak response in the two horizontal directions. The method is
summarized as follows:
x = max(fas(X ),fas(X,))
The total damage due to drift and acceleration is now determined using both optimal
methods in the same elementary analysis. The relative errors with the reference damage
estimates are listed in Table 3.13. Considering each error in absolute value, the average error
is 8.55% with a standard deviation of 6.76%.
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Table 3.14 - Error introduced on damage assessment by selected
spectral combination method
Struct. e (%) Struct. e (%) Struct. e (%) Struct. e (%)
M6-2.5 -12.7 M3-2 -12.8 B3-2 8.8 D3-2 -9.2
M6-10 5.4 M3-5 -3.5 B3-5 1.0 D3-5 -7.0
B5-2.5 -9.9 M3-10 5.4 B3-10 -0.2 D3-10 0.6
B5-10 9.0 M3-15 15.2 B3-15 6.7 D3-15 10.5
D9-2.5 -7.3 M3-20 26.6 B3-20 14.7 D3-20 19.9
D9-10 6.8 M4-2 1.1 B3LS-2 27.8 D3V-2 -7.3
B4-2 4.3 M4V-2 -8.0 B3HS-2 -9.0 D3HV-2 -0.5
B4-10 2.7 B3AS-2 -1.8 D7V 9.4
dsc- do' dsc damage estimated using spectral combination
d"' SNDI damage estimated using nonlinear direct integration
The reference nonlinear direct integration method is nonlinear and dynamic, while spectral
combination is linear and static. To determine whether one of the two approximations is the
primary cause of the errors listed above, we compare spectral combination to mode
superposition, the linear dynamic method presented above (section 3.4). Considering mode
superposition as a reference, the error is now only due to the loss of the phase information
between the modes. The average error on the total damage assessment is 11.7%, with a
standard deviation of 8.2%. These figures are comparable to the results of the comparison
with nonlinear direct integration, and we conclude that not constructing the response time
history of the structure is a primary cause for the error observed. It is at least as detrimental
to the damage assessment as not considering the nonlinearities.
We finally study the sensitivity of the two spectral combination methods identified above to
the combination rule and its implementation parameters. The average and standard deviation
of the absolute value of the error across the benchmark structures are listed in Table 3.15
and Table 3.16 as the spectral combination method is varied. We notice in particular that
combining the response directions before or after the spectral combination rule is applied
results in significantly larger errors. Comparable errors are observed when it is assumed that
the peak response is simultaneous for all modes (savQ, 69.3%) and when both acceleration
components apply their full load onto a mode at the same time (vmsp, 4 9 .3%). These worst-
case assumptions are relevant in the traditional practice of earthquake engineering to
produce conservative estimates of structural response, but the error they introduced on the
damage assessment would prevent its application to design optimization.
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Table 3.15 - Sensitivity of drift damage estimate to spectral
combination rule and implementation parameters
dsc -d dNDI d sc - d NDI
Spectral Combination Method avg S Ns sdev S
S ds S ds
Optimal max cqc(x.,vMA),cqc(Xmy, vMAX 9.51 9.26
max(dbs(X., v MAX dbs(X, VMAX)) 9.51 9.26
Vary
Combination max(srss(X.,v"^x),srss(Xmy,v"^)) 17.28 11.44
Rule
max(sav(x ,v)MAXsaV(X ,VMI)) 71.01 26.94
(cqc(X.,vX) +cqc(Xmy ,vMAX)) 37.88 15.822
Vary Response MAX2 MAX2
Direction cqc(% ,vm)2 + cqc(Xm ,VM) 50.53 30.85
cqc( 2 + x1my ,VMAX 87.90 49.60
max(cqc(x.,v ),cqc(X ,vD")) 10.66 6.85
Vary Loading max(cqc(X.,vPs),cqc(X ,v's)) 14.95 15.09
Direction M M
max(cqc(x., v'),cqc(Xm ,v')) 50.77 43.78
dssc drift damage in structure s estimated using spectral combination method listed
dSNDI drift damage in structure s estimated using nonlinear direct integration
Table 3.16 - Sensitivity of acceleration damage estimate to spectral
combination rule and implementation parameters
dsc - d NDI dSC -d dNDI
Spectral Combination Method avg S S sdev N
S ds S d,
Optimal max(fas(X.),fas(Xm)) 10.47 6.42
Vary 1(fas(X.) + fas(X,)) 30.12 7.48
Response 2
Direction fas(X.) 2 + fas(Xmy) 2  47.61 18.56
dSsc acceleration damage in structure s estimated using spectral combination method listed
dSNDI acceleration damage in structure s estimated using nonlinear direct integration
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3.6 Summary
A selection of methods to determine the response of structures to ground motion was
considered to support the damage assessment procedure. Each elementary method was
studied together with the larger incremental response analysis process implemented for
damage assessment. The main contribution of these studies is to compare structural
response analysis methods in terms of their global effect on the estimate of damage.
Conclusions on the different methods are summarized below.
Nonlinear Direct Integration (section 3.2)
The expensive nonlinear direct integration method is the reference against which faster
alternatives are compared by quantifying the error introduced on the damage assessment of a
set of benchmark structures.
" An incremental response analysis process with a reduced number of nonlinear
elementary analyses was proposed. In the modified process, we identify the range of
ground motion intensities that are sufficiently high to activate the nonlinearities but
sufficiently low to have a non-negligible occurrence probability. The order of the
elementary analyses was rearranged to implement this strategy.
Linear Direct Integration (section 3.3)
With the linear direct integration method, the response of the structure is proportional to the
intensity of the applied ground motion, and a single analysis is performed for each ground
motion record.
" The error on the damage assessment due to neglecting the nonlinear behavior of the
structure is mitigated by the low probability of the ground motion intensities that are
sufficiently high to activate the nonlinearities. This effect is magnified for the
structures designed to high seismic standards.
" An application of damage assessment to optimal structural design suggested that
using the runtime benefits of the approximate linear method to take into account a
broader range of earthquake scenarios can lead to better solutions.
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Mode Superposition (section 3.4)
The real mode superposition method was considered as a faster alternative to linear direct
integration. The method introduces an additional error on the damage assessment of
structures with non-proportional damping.
" A mode filtering system was implemented to only calculate the response of the
modes that affect the damage assessment.
" The error on the damage assessment was analyzed by isolating the contributions of
linearity and damping non-proportionality. We determined that the second
component is too significant and difficult to predict for design and optimization
applications. In the rest of this dissertation, mode superposition is only used when
damping is assumed proportional.
Spectral Combination (section 3.5)
" A range of variants of the spectral combination method was considered, with
different combination rules and application parameters relevant to the analysis of
three-dimensional models.
" Distinct variants of the method yielded the best estimates of drift-induced and
acceleration-induced damage for the benchmark structures. However, the error
introduced by not considering the time-history response of a structure is too
significant for design and optimization applications.
Linear dynamic analysis was identified as a potential alternative to nonlinear direct
integration for the application of damage assessment to design and optimization. The
applicability of linear direct integration and mode superposition is further evaluated in the
next chapter with a detailed study of the nonlinearities that these methods do not capture.
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Chapter 4 Nonlinearities and
Dynamic Analysis
To analyze the response of structures to ground motion for damage assessment, linear
dynamic methods were identified as potential alternatives to the expensive nonlinear direct
integration. In this chapter, the linear and nonlinear methods are further compared by
detailing the effects of nonlinearities on the estimate of damage.
4.1 Introduction
After identifying specific objectives for the study of nonlinearities, this section introduces
the tools to implement it. These include two-dimensional representations for the structures,
parametric nonlinear models for their components, and the choice to measure the effect of
nonlinearities directly on the damage assessment. A sequence of studies is then proposed for
the rest of the chapter.
4.1.1 Objectives
After considering several elementary response analysis methods (Chapter 3), we established
that for design applications, the computational advantage of linear dynamic analysis could
outweigh its inability to capture nonlinearities. This result, however, was based on a limited
set of structures modeled with standard yet specific assumptions on their nonlinear behavior.
While there is a good general understanding of how structural components behave under
seismic loads, different nonlinear models remain in use for structural analysis. Refined
models calibrated on new experimental results are also regularly proposed in the literature.
Before implementing linear analysis in design applications of the damage assessment
method, we propose to evaluate the differences with the nonlinear method when various
nonlinear models are used.
The effects of a nonlinear model on the structural components that it represents are well
documented. In the literature, nonlinear models are usually shown to match experimental
results and are then applied to the study of other examples, maybe subjected to different
loads. Yet, the effect of nonlinear modeling on the earthquake damage assessment cannot be
directly deduced from this information. The literature lacks applications of the different
nonlinear models to dynamic analysis, especially with large sets of ground motion records
and the full range of earthquake intensities. In a nonlinear direct integration analysis,
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different types of structural components with their specific nonlinearities interact in a single
finite element model. The combined effect on the simulation results is difficult to predict. In
addition, the damage assessment method processes the analysis results into an estimate of
damage. Because nonlinear fragility functions are used, and because more weight is given to
the lower earthquake intensities, the effect of nonlinearities on the estimated damage
changes from what is observed on the structural response. A specific study is therefore
needed to quantify the effect of model nonlinearities on the damage assessment.
Two primary objectives are defined for this study. We must first evaluate the effects of
including the different types of nonlinearity on the damage assessment. These results are
needed to reach conclusions on the applicability of the linear analysis methods. Second, we
are interested in the differences in damage assessment due to the use of different nonlinear
models. This information is needed to provide guidelines on performing a nonlinear damage
assessment. Most nonlinear models for structural components can be tuned with parameters,
and many variants could be considered in this study. Instead of selecting specific models, we
identify key modeling parameters that can be varied to transform the nonlinear behavior of
the structure significantly, as presented in section 4.1.3 below.
Finally, in addition to the effects of the nonlinear model, the. difference in damage
assessment between linear and nonlinear dynamic analysis depends on the properties of the
structure being evaluated. Results obtained previously for a set of benchmark structures
suggest that this difference is significantly reduced when damping is added to the structure.
Another objective for this study is to generalize this result on damping and to determine the
effect of structural stiffness and strength as well.
The proposed studies are primarily implemented on two-dimensional nonlinear models of
the benchmark structures and consist in measuring the difference in damage estimate with
equivalent linear models. This approach is detailed in the following.
4.1.2 Two-Dimensional Models
In the previous chapters of this dissertation, all studies but one are based on three-
dimensional models of the building structures. The three-dimensionality is important for the
practical applications of the damage assessment method. It also presents specific challenges
in seismic response analysis that needed to be discussed.
For the proposed study on nonlinearities, the damage assessment procedure needs to be
repeated for different values of the structural and nonlinear parameters, and nonlinear direct
integration must be used as elementary analysis method. Considering the different ground
motion records and the range of intensities for which the response must to be determined,
the number of elementary analyses is considerable. A majority of the studies are therefore
performed on two-dimensional models that are faster to solve with the nonlinear direct
integration method. The computational advantage of the 2D models is quantified below. A
limited number of 3D cases are still considered to verify consistency with the 2D analyses.
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For each benchmark structure, a pair of 2D models corresponding to orthogonal structural
planes is generated. The 2D models are identified by appending the letter X or Y to the
labels describing the benchmark structures. For instance, M6X corresponds to the projection
of the 6-story moment-resisting frame in the vertical plane that includes the X direction. A
difficulty when creating 2D models is that building structures are heterogeneous. Structural
components located in different planes may need to be shifted into the same plane to create
a 2D model that is more consistent with the properties of the building it represents. The
modal properties of the 2D models used in the following are provided in Appendix A.
A 2D model is appropriate for the studies of this chapter as long as its nonlinear behavior is
consistent with the corresponding 3D model. The 2D model does not need to, and often
cannot, yield the same estimates of structural response and damage as the 3D model. The
damage estimates obtained from 2D models are therefore only considered in relative value.
A simple tuning step is however applied to the 2D models to better approximate the 3D
cases. By factoring the floors masses uniformly throughout a 2D model, the period of its
first mode is matched to the period of the fundamental mode in the same direction of the
3D model. The effect on the consistency between the 2D and 3D models is summarized on
Figure 4.1. The difference between the two directions is primarily due to the fact that the
fundamental mode of the 3D model is globally in the x-direction for a majority of the
benchmark structures, oriented as shown in Appendix A. After matching the periods, the
shape of the first mode in the y-projection model and its response to ground motion remains
different from the true fundamental building mode.
Damage Rel. Diff. with 3D Model (%)
20 ..... - -
10...........
0 =Original
-10 - =T1 Matched
-20...... . -
-30............
XZ Plane YZ Plane
Figure 4.1 - Effect of first mode period (Ti) matching on the
consistency between 2D and 3D models across the benchmark
structures
The runtime of a direct integration analysis is directly related to the number of degrees of
freedom in the finite element model. With fewer nodes and fewer degrees of freedom per
node, 2D models are up to 2 orders of magnitude quicker to analyze for the benchmark
structures considered. The differences in runtime of the Newmark direct integration
algorithm are listed in Table 4.1.
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Table 4.1 - Runtime benefits of two-dimensional analysis
Struct. T3D/TX T3D/TY Struct. T3D/TX T3D/TY
M6 111 125 B4 53 109
B5 154 114 M3 30 32
D9 43 32 B3 58 59
D7V 288 241 D3 49 44
M4 29 45 D3V 46 42
M4V 41 61 1_1
runtime of nonlinear direct integration
runtime of nonlinear direct integration
on 3D model
on 2D model
4.1.3 Generic Nonlinear Models
This study is limited to steel structures that may be equipped with viscous dampers. A
number of nonlinear models have been proposed to represent structural steel members and
viscous dampers. The complexity of the force-deformation relationship and the number of
factors that parameterize it varies among the models. In this study, we consider idealized
models that only capture the overall behavior on which the more advanced models all agree.
The idealized models are parameterized, and they constitute lower and upper bounds for the
more complex model when extreme values are considered for the parameters.
The nonlinear behavior of both axial and bending steel members is described on Figure 4.2.
The initial stiffness (k) is applicable until the yield capacity (Cy) is reached. The capacity is a
limit on axial force or bending moment. The post-yield stiffness is adjusted with the stiffness
ratio (R), and the member fails when the ultimate capacity (Ce) is reached. A model may
ignore member failure, in which case the post-yield stiffness applies for any higher force. A
hysteresis loop develops if the yield capacity is reached during the cyclic response to ground
motion. For moment-connected bending members, the nonlinear behavior only applies to
the member extremities, developing plastic hinges where the bending moment is maximal.
Force
Cu R
CY
k
0.
-CY -
0
Deformation
Figure 4.2 - Generic nonlinear model
for structural steel members
Force
CD
0
-CD
kL
--- -------
0
Velocity
Figure 4.3 - Generic nonlinear model
for viscous dampers
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The nonlinear behavior of the viscous dampers is described on Figure 4.3. The initial slope
determines how much energy is dissipated by the device over each cycle. This quantity is
represented in this dissertation by the equivalent local, damping ratio (e) generated by all
localized damping devices on the first mode of the structure. The term local damping is used
as opposed to proportional damping, noted P. When the force in the damper reaches the
capacity (CD), we may assume that the damper fails or that the force remains constant for
higher velocities. The latter behavior can be approximated with modern damping devices.
When the value of a nonlinear parameter is not specified in a section of this chapter, the
standard value listed in Table 4.2 applies. The values of the capacities depend on the
properties of the components being modeled.
Table 4.2 - Standard nonlinear model
Parameter Standard value
Yield capacity Cy Force or moment causing first yield in the member section
Post-yield stiffness ratio R 5%
Ultimate capacity Cu Force corresponding to ultimate material stress in the section
Post-ultimate capacity behavior No failure
Damper capacity CD Assigned by design of the benchmark structures
Higher velocity behavior Constant force, equal to the capacity CD
4.1.4 Nonlinear Effect on Damage Assessment
For the earlier comparison of analysis methods (Chapter 3), nonlinear direct integration was
the reference method against which alternatives were evaluated. Deviations from the
nonlinear direct integration results were treated as errors introduced by the use of simpler
methods. An opposite approach is adopted in this chapter, where the linear method
becomes the reference. The effect of including the nonlinearities by switching to nonlinear
analysis is referred to as the nonlinear effect:
E= dN-dL (4.1)
dL
where E nonlinear effect ( effect of nonlinearities on the damage estimate)
dN nonlinear damage (= damage estimated from nonlinear analysis)
dL linear damage (= damage estimated from linear analysis)
All analyses are dynamic in this chapter. The nonlinear method is the nonlinear direct
integration. The linear method is the real mode superposition for proportionally-damped
structures and the linear direct integration for structures with non-proportional damping.
The nonlinear effect on building damage can be decomposed into the contributions of its
floors and damage systems (4.2). This decomposition reveals the effect of nonlinearities on
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interstory drift and floor acceleration throughout the structure and across ground motion
records without considering the response parameters directly.
E= E
1,j
(4.2)v (dN - d")with E v1 -d'I) vdL-
where ij
E i
d", diN
d'
vii
v
identifies the damage system i (structural S, nonstructural drift-sensitive
D or acceleration-sensitive A) at floor j
system-floor contribution to nonlinear effect
linear and nonlinear system-floor damage
linear building damage
system-floor value
building value
The contributions to the nonlinear effect can then be aggregated by system across the floors
of the building. Charts of these quantities are used in this chapter to distinguish drift and
acceleration systems. An example of damage decomposition and the corresponding
nonlinear effect (E) decomposition is shown in Figure 4.4. In this example, the nonlinearities
decrease the damage estimate by 13%, and the effect is evenly split between the drift- and
acceleration-sensitive systems. The values indicated on the bar chart for the nonlinear effect
decomposition are the corresponding damage contributions. This indication is important to
interpret the results, as we sometimes notice significant differences between the damage
contribution and the nonlinear effect contribution of a particular system. In the example in
Figure 4.4, half of the nonlinear effect is due to drift-based damage, while only 26% of the
building damage is drift-induced. The drift is therefore more significantly affected by the
nonlinearities of the structure than the acceleration.
-19 .74
0 0.5 1 1.5 2 2.5
Damage (x10-3 )
MS]
wDI
mA
-12.5 -10 -7.5
E (%)
-5 -2.5 0
Figure 4.4 - Contributions to annual damage (left) and corresponding
nonlinear effect (right) (struct. M3-10)
The absolute difference in nonlinear effect is used in this chapter to compare nonlinear
models. It is equivalent to the difference in nonlinear damage relative to the linear damage.
E" - E^ - d" - dNA (4.3)
where E, E B
dNA, dNB
nonlinear effect with models A and B
nonlinear damage with models A and B
linear damage
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4.1.5 Chapter Organization
The studies presented in the rest of this chapter evaluate the sensitivity of the nonlinear
effect to the properties of the structure and the parameters of its model. We include a set of
preliminary studies to introduce the mechanisms through which nonlinearities affect the
damage assessment.
A nonlinear finite element model is an effort to represent a structure realistically, and the
parameters of the model are in principle defined by the properties of the structure. In
practice, the structural properties are not always known to the level of detail that the
nonlinear model can represent, and some parameters of the model are set based on
assumptions. In some cases, the known value of a structural property is altered on purpose
to obtain conservative results from the model. The distinction between true structural
properties and modeling assumptions can therefore vary. For instance, the strength of a steel
brace depends on its actual size, but it can also be reduced arbitrarily to analyze a worst-case
scenario.
In this chapter, we distinguish nonlinear parameters from structural properties based on
their effect on the analysis results. A nonlinear parameter only affects the nonlinear analysis
results, while a structural property also affects the linear analysis results. For instance, the
maximum force that a structural member can carry is a physical property of the member, but
it is ignored when performing a linear analysis and is therefore considered as a nonlinear
parameter.
The parameters of the generic model for steel members are the yield capacity (C,), the post-
yield stiffness ratio (R) and whether the member fails at the ultimate capacity. For the
viscous dampers, the parameters are the force capacity (CD) and whether the damper fails at
this capacity. The effect of these 5 parameters on the damage assessment is treated in section
4.3. For each parameter, we first evaluate the sensitivity of the nonlinear effect to that
parameter alone, and we then consider the correlations with the relevant parameters
previously introduced.
The structural properties are the global stiffness and level of damping. The sensitivity of the
nonlinear effect to both structural properties is evaluated in section 4.4. The properties can
be varied in the benchmark structures by updating specific components. They can also be
varied in the finite element model directly by factoring the structural properties when
defining the behavior of the finite elements.
An extensive set of results is compiled in Appendix D. Sample results are used in this
chapter to introduce the trends relevant to each nonlinear parameter and structural property.
Unless noted otherwise, the trends described on sample results are verified in the rest of the
result set. Quantitative results are also given for the nonlinear effect. These values describe
the difference between the linear and nonlinear damage assessments and are specific to the
benchmark structures considered. For each set of results, representative values are selected
and used for a relative comparison in the conclusion of this chapter.
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4.2 Sources of Nonlinearity
The nonlinear effect on the damage estimate originates in the force-deformation
relationships of the finite elements. In this section, we study the development of nonlinearity
in the damage assessment procedure by isolating the contributions of the different floors,
damage systems and categories of finite elements. In particular, we show that the different
sources of nonlinearity do not systematically add to the total nonlinear effect on the final
estimate of damage. Some sources are negligible, and others partially cancel out.
4.2.1 Floors and Damage Systems
In the same damage assessment, the nonlinear effect can be of opposite signs at the different
floors of the building and for the different damage systems (structural and nonstructural
drift- and acceleration-induced). This is due to the peak interstory drifts and floor
accelerations being unevenly affected by the nonlinear character of the structural response.
Nonlinear effects of opposite signs partially cancel out in the damage assessment of the full
building, reducing the difference with the linear damage estimate.
The partial cancellation of the nonlinear effect is illustrated for two structures on Figure 4.5.
In the first example (structure M6), the total effect on drift-induced damage appears
insignificant, with a value of -0.3%. However, the floor decomposition for the same
structure presented on Figure 4.6 shows that the drifts are globally more affected by the
nonlinear response than the accelerations. But in this particular case, the underestimate of
the drift-induced damage in the lower floors is almost exactly compensated by an
overestimate in the upper floors. In the second example (structure D3), the total effects on
drift-induced and acceleration-induced damage are of opposite signs, resulting in a nonlinear
effect reduced to -3.3% for the full building. Both structures only include steel members, so
the mechanism of yield alone results in the differences observed.
Floor
M6 - k'=10%
D3 -(=10%
-5 -4 -3 -2 -1 0 1
E(%)
6
5
MS 4
mDI 3
mA 2
1
Figure 4.5 - Nonlinear effect near zero -1.5 -1 -0.5 0 0.5 1
for drift (struct. M6) and opposite for E (%)
drift and 16celeration (struct. D3) Figure 4.6 - Nonlinear effect
decomposition (struct. M6 gP=10%)
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The degree to which the nonlinear effects of the floors and damage systems accumulate is
quantified as follows:
E
where E 1  system-floor ij contribution to nonlinear effect
E total nonlinear effect
The nonlinear effect accumulation is shown on Figure 4.7 for different levels of proportional
damping applied to the 3D models of the low-rise benchmark structures and listed in Table
4.3 for the other 3D cases. With the exception of structure D9, the accumulation decreases
as damping is initially added. We also note the difference of 87% between the low-stiffness
(B3LS-2) and high-stiffness (B3HS-2) variants of the same building.
a (%)
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Table 4.3 - Nonlinear effect (O)
accumulation Figure 4.7 - Sensitivity of nonlinear
effect accumulation to damping (gP)
We conclude that the partial cancellation of the nonlinear effect among the floors and
damage systems can be significant. Because story drifts and floor accelerations cannot be
directly compared, part of the cancellation of the nonlinear effects is only observed on the
damage estimate. It is therefore relevant to compare the linear and nonlinear analysis
methods based on the estimated damage instead of the structural response.
4.2.2 Inactive Nonlinearities
To affect the linearity of the structural response, a component must experience sufficient
forces and deformations to reach its nonlinear range of operation. This condition, however,
is not sufficient. The components of a building structure have different functions, and
components that have the same function may differ by as much as an order of magnitude in
properties. As a result, a component may behave nonlinearly with little effect on the overall
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-Struct. Ot (%) Struct. Ot (%)
M6-2.5 67.6 B3LS-2 100.0
M6-10 42.0 B3AS-2 76.5
B5-2.5 90.1 B3HS-2 13.2
B5-10 58.4 D7V-2 60.4
D9-2.5 87.0 M4-2 58.5
D9-10 93.8 M4V-2 34.6
B4-2 90.3 D3V-2 10.6
B4-10 72.4 D3HV-2 30.5
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structure. Learning which structural components do not contribute to the nonlinear effect is
of interest. These components can be modeled linearly, removing the uncertainty due to the
choice of a nonlinear model. In this section, we evaluate the importance of nonlinear
modeling for the main categories of structural steel members. The viscous dampers are
considered in section 4.2.3 below.
Whether a finite element has operated in its nonlinear range is known at the end of each
analysis. The state of each element is even checked by the direct integration algorithm during
the analysis to update the equilibrium equations. But because of the interactions among the
elements and the time-history character of the analysis, the effect that an element had on the
peak structural response is difficult to deduce from this information. To study the role of the
different elements on the nonlinear effect, we resort to partial nonlinear modeling. In a
partial nonlinear model, only some elements are assigned a nonlinear behavior. These
elements are then necessarily the cause of any nonlinear effect observed on the analysis
results.
For this study, two groups of structural members are distinguished in each type of structural
system. A moment-resisting frame has columns and beams, and only the columns are
nonlinear in the partial model. A braced frame has columns and braces, and only the braces
are nonlinear in the partial model. The beams of a braced frame do not contribute to lateral
stiffness and are not modeled. The nonlinear effect is determined for a set of structures with
both types of model, and the differences between the models are summarized in Table 4.4.
Each difference corresponds to the effect of the nonlinearity that is neglected in the partial
model. We note that these differences are small, with an outlying value of about -1%. An
explanation for the outlier is provided in the following.
Table 4.4 - Nonlinear effect difference between full (EF) and partial
(EP) nonlinear models
Struct. EF-EP (%) Struct. EF-EP (%) Struct. EF-EP (%) Struct. EF-EP (%)
M4-2 -0.186 M4X -1.053 B4-2 0.093 B4X -0.048
M6X -0.112 M4Y -0.078 B5X -0.242 B4Y -0.039
M6Y -0.142 D3VX 0.000 B5Y -0.066 D3VY -0.188
D9X -0.014 D7VX 0.000 D9Y 0.005 D7VY -0.011
The difference between the outlier structure M4X and its counterpart M4Y is illustrated in
Figure 4.8. Another partial nonlinear model where only the beams are nonlinear is added to
the analysis. With this last model, the nonlinear effect is more significant for M4X,
suggesting that the beams are more fragile in this structure. In both cases, the nonlinear
effect of the beams is drastically less when the columns are nonlinear as well. Although this
may not be desirable from an engineering standpoint, the columns are effectively protecting
the beams in those structures by yielding under lower bending moments. This effect is
almost total in the case of M4Y and for the other structures considered above.
The outlying value is explained by the arrangement of beams and columns in M4X. In the
plane used for the 2D model, all columns bend about their strong axis and therefore yield at
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relatively high levels of structural response, where beams can have yielded as well. For the
other moment-resisting frames, some columns bending about their weak axis dissipate
energy at lower levels of structural response, and the beams remain intact.
Nonlinear Elements Nonlinear Elements
All
Columns
= N All[D Columns
Beams mA Beams
-15 -10 -5 0 -15 -10 -5 0
E (%) E (%)
Figure 4.8 - Nonlinear effect in full and partial nonlinear models
(struct. M4X, left and M4Y, right)
The structure in which an element is placed affects the activation of its nonlinear behavior.
We conclude that to evaluate the nonlinear effect on the damage assessment, the nonlinear
behavior of the structural components must be considered within a model of the structure
being evaluated and not individually.
4.2.3 Canceling Nonlinearities
Different non-negligible sources of nonlinearity in the finite element model may have
opposite consequences on the damage assessment. This effect is in particular observed for
the structures equipped with viscous dampers. When the capacity of a damper is reached, the
device cannot maintain a force proportional to the velocity and dissipates less energy than an
infinite capacity would allow. A steel member has an opposite behavior. When its yield
capacity is reached, the member starts dissipating energy through hysteretic behavior,
effectively acting as a backup damper for the structure.
The opposite effects of the steel and damper nonlinearities are illustrated on Figure 4.9 for a
3D moment-resisting frame. In this particular case, the damper nonlinearities dominate and
the net nonlinear effect is positive in the full nonlinear model, increasing the damage
estimate.
Nonlinear Elements
Steel [S
Dampers ID
All LA
-2.5 0 2.5 5
E(%)
Figure 4.9 - Opposite effects of steel and damper nonlinearities
(struct. M4V-2)
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The partial and total nonlinear effects are listed in Table 4.5 for the benchmark structures
that include viscous dampers. We notice that when all the components are nonlinear, the net
effect (EA) can be positive or negative. When the net effect is positive, a linear analysis would
underestimate damage. Considering absolute values, the net effect is 7% to 8 6% less than the
maximum effect observed among the two partial models.
Table 4.5 - Nonlinear effect in damped structures with steel (Es),
dampers (ED) and all (EA) elements nonlinear
Struct. Es (%) ED (%) EA (%) Struct. Es (%) ED (%) EA (%)
M4V-2 -3.9 6.4 3.2 D7VY -0.4 5.7 4.4
M4VX -4.2 12.0 6.8 D3V -4.0 2.9 -1.0
M4VY -3.3 14.1 10.8 D3VX -6.6 8.5 1.3
D7VX -8.1 3.0 -7.5 D3VY -5.6 2.3 -0.8
The sign and magnitude of the net nonlinear effect depend on the relative capacities of the
steel members and viscous dampers. Assuming a fixed design for the steel frame, positive
and negative net effects are expected with low and high damper capacities respectively. In
practice, the capacity of a damper governs its cost and would only be increased if more
benefits are obtained from the damper, that is, if more energy is dissipated.
The partial and net nonlinear effects for different levels of viscous damping are shown on
Figure 4.10 for a pair of structures. In these studies, the equivalent damping ratio (f) is
gradually increased, and the damper capacities are varied in proportion. The partial
cancellation of the steel and damper nonlinear effects mitigates the net effect at any level of
damping. However, the variations of the damper and net nonlinear effects are different for
the two structures. This is explained by the steel frames implementing different structural
systems and by the damper capacities in D3VX being insufficient.
E(%) E(%)
15 2--Nonlinear 2 Nonlinear
10 Elements 0 Elements
5 ........ *Frame wBraces
0 mDampers -2 . .Dampers
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kL'(%) ()
Figure 4.10 - Sensitivity of nonlinear effect to damping (g) in full and
partial nonlinear models (struct. D3VX, left and D3VY, right)
The study is repeated on an idealized portal frame made of only two columns, a beam and a
viscous damper. The results, presented on Figure 4.11, are consistent with both of the above
cases. The nonlinear effect of the damper increases at low damping levels as the damper
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attempts to dissipate more energy but does not yet have the capacity to do so. After =10%,
the response of the structure is sufficiently mitigated for the dampers to achieve the
prescribed damping ratios. For higher damping ratios, the nonlinear effect of both the steel
frame and the dampers vary toward zero as the response of the structure decreases. It is
important to note that the sign of the net nonlinear effect can change before it converges to
zero. Measuring a small nonlinear effect for a particular level of damping does not guarantee
that the effect is close to zero for higher damping ratios. It is also interesting to note that in
this particular example, the nonlinear effect is zero for the full structure when it is reaches a
maximum for the viscous dampers.
E(%)
0.5 Nonlinear
0 Elements
-0.5 *Frame
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Figure 4.11 - Sensitivity of nonlinear effect to damping (L) in full and
partial nonlinear models (struct. idealized portal frame)
As a summary for this section, Figure 4.12 presents the partial modeling results typically
observed with moment-resisting and braced frames equipped with viscous dampers. The
steel nonlinearities develop primarily in the columns and braces respectively, and the
opposite effect of the damper nonlinearities mitigates the net nonlinear effect.
Nonlinear Elements Nonlinear Elements
Columns Columns
Beams Braces
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Figure 4.12 - Contributions to nonlinear effect in a moment-resisting
frame (left) and braced frame (right)
In this section, we determined that the nonlinearities of a structural model don't always add
up to increase the overall nonlinear effect on the damage assessment. This contributes to
reducing the error introduced by the linear methods.
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4.3 Nonlinear Parameters
A generic nonlinear model with 5 key parameters has been proposed for the study of
nonlinear modeling of steel frames equipped with viscous dampers (section 4.1.3 p. 120).
Moehle (2008) pointed out the lack of guidance for analysts to adjust nonlinear parameters.
By assigning extreme values to the parameters of the proposed model, we obtain nonlinear
behaviors that are lower and upper bounds for the typical nonlinear models used in
earthquake engineering. In this section, the 5 parameters are considered in turn and the
sensitivity of the nonlinear effect on the damage assessment is evaluated. The effect of a
parameter can then be assessed in correlation with the relevant parameters previously
studied. The standard designs for the benchmark structures with low levels of proportional
damping are considered throughout this section. These structures correspond to building
designed with no special effort toward seismic response mitigation. The structural properties
are varied in the final section of this chapter, and the conclusions of the current section are
then re-evaluated. The role of each nonlinear parameter is briefly summarized in the
following before its nonlinear effect is quantified. Unless noted otherwise, the standard
values listed in Table 4.2 (p. 121) apply to the parameters that are not being studied.
4.3.1 Steel Member Capacity
In the model considered, the stiffness of a steel member changes abruptly when the yield
capacity (Cy) is reached. The yield capacity is a limit on the axial force in a brace and a limit
on the bending moment in a beam or column. The sensitivity of the damage assessment to
the yield capacity of the steel members is evaluated in this section.
To start, we determine the nonlinear effect in moment-resisting frames considering two
extreme values for the capacity of a bending member. The elastic capacity (CyE) is the
bending moment for which first yield occurs in the member section. The plastic capacity
(Cy) is reached when yield has developed in the entire section. The ratio of the plastic to the
elastic capacity among the standard W-shaped steel sections is summarized on Figure 4.13.
In a moment-resisting frame, all beams and most columns are designed to carry load in
bending about their strong axis. However, the weak axis is relevant as unintended loads may
be transferred in any direction when the structure responds to an earthquake.
Strong Axis
Weak Axis
1.1 1.2 1.3 1.4 1.5 1.6
CYP\CYE
Figure 4.13 - Comparison of the elastic (CyE) and plastic (CyP)
moment capacities across the standard W-shaped steel sections
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The nonlinear effects assuming elastic and plastic capacities are noted EE and EP
respectively. Both quantities are determined for a set of moment-resisting structures, and the
results are summarized in Table 4.6. For each structure, EE is the maximum nonlinear effect
among the possible models, and the difference EP-EE is the maximum change in nonlinear
effect due to selecting a different model. For the conclusion on nonlinear modeling, we
consider representative values of -15% for the nonlinear effect and 2.5% for its variation
between models. These results mitigate the importance of selecting a yield capacity model
when implementing a nonlinear damage assessment.
Table 4.6 - Difference in nonlinear effect between extreme yield
capacity assumptions
Struct. EE (%) EP-EE (%) Struct. EE (%) EP-EE (%)
M6X -24.6 3.4 M4Y -16.0 2.2
M6Y -18.3 2.4 M3X -15.8 1.8
D9X -13.2 2.7 M3Y -15.0 3.1
D7X -7.5 1.7 Avg. -15.6 2.5
M4X -14.1 2.5 Sdev. 4.5 0.6
A broader range of yield capacities is now considered. Bending capacities less than CYE or
greater than Cyf are no longer reasonable modeling assumptions for the same member. They
can, however, represent different members whose actual strengths are different. To vary the
yield capacity, a factor Fy is applied to the elastic capacity of the bending members and the
axial capacity of the braces. The change in nonlinear effect with increasing member
capacities is illustrated on Figure 4.14 for both types of structural systems. The seemingly
matching values for Fy = 0.5 are coincidental. There is, however, a significant difference
between the moment-resisting frame (structure M4Y) and the braced frame (structure B4Y)
in the rate of variation of the nonlinear effect for the lower range of yield capacities.
E(%)
-0 .. ....-----
-15....- 
.- 
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-25.............
0.6 0.8 1 1.2
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Figure 4.14 - Sensitivity of nonlinear effect to yield capacity (factored
by Fy)
The lower values of Fy on Figure 4.14 correspond to strength reduction factors used in the
practice of structural engineering. We note that reducing the member capacities is not
conservative for seismic damage assessment as lower estimates of damage can be produced
due to more hysteretic energy dissipation.
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4.3.2 Steel Member Post-Yield Stiffness
In the model considered, the post-yield stiffness of a steel member is defined as a fraction
(R) of its pre-yield stiffness. The sensitivity of the damage assessment to the selection of a
stiffness ratio is evaluated in this section.
Typical stiffness ratios recommended for nonlinear dynamic analysis are between 0.5% and
2%. In this study, we first consider the two extreme values 0.10% and 5 %. The corresponding
nonlinear effects E' and E5 are determined, and the difference E5-E0' is listed in Table 4.7.
This difference represents the maximum change in nonlinear effect due to selecting a
different model for the post-yield stiffness. A representative value of -1% is considered for
the conclusion on nonlinear modeling. Similarly to the selection of a yield capacity, the effect
of selecting a stiffness ratio is limited. We also note that the difference of the nonlinear
effects is smaller in absolute value for the braced frames. A consistent difference of -1.6%
was also observed on the three-dimensional structure M4.
Table 4.7 - Difference in nonlinear effect between extreme post-yield
stiffness ratio assumptions
Moment Frames Braced Frames
Struct. E 5-E-1 (%) Struct. E 5-E-1 (%) Struct. E5-E 0-1 (%) Struct. E5-E 1 (%)
M6X -1.89 M3Y -0.65 B5X -0.57 B3Y 0.10
M6Y -1.89 D9X -1.28 B5Y -0.19 D9Y 0.01
M4X -1.13 D7X -0.66 B4X -2.08 D7Y -0.11
M4Y -1.95 Avg. -1.35 B4Y -1.49 Avg. -0.60
M3X -1.33 Sdev. 0.50 B3X -0.43 Sdev. 0.73
Additional values of the stiffness ratio are now considered for a reduced set of structures.
The structures include the moment-resisting and braced frames that are most sensitive to the
stiffness ratio according to Table 4.7 High stiffness ratios of more than 5% are considered
out of theoretical interest, completing the set of results presented on Figure 4.15. Results for
R = 1% confirm that the nonlinear effect experiences regular and limited variations over the
range of typical stiffness ratios. For higher ratios, the same behavior is observed on all
structures. The nonlinear effect is most negative for a ratio of 10% to 15%, which maximizes
the energy dissipation in the yielding members. As the stiffness ratio keeps increasing, the
nonlinear effect increases back toward zero, which would be reached for R = 100%.
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Figure 4.15 - Sensitivity of nonlinear effect to post-yield stiffness ratio
(R)
The results above were obtained assuming the standard yield capacity for the different
members. We now determine the nonlinear effect for a range of values of the stiffness ratio
(R) and the yield capacity factor (Fy) simultaneously. Together, the two parameters control
the loss of stiffness and the dissipation of energy through yield in the steel members. Results
for an example of each structural system are shown on Figure 4.16. The sensitivity of the
nonlinear effect to the stiffness ratio is consistent over the range of yield capacities, although
the curves corresponding to different stiffness ratios tend to converge as the capacity factor
increases since nonlinear behavior is less activated.
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Figure 4.16 - Sensitivity of nonlinear effect to yield capacity (factored
by Fy) and post-yield stiffness ratio (R) (struct. M4X, left and B4Y,
right)
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4.3.3 Steel Brace Failure
In the model considered, a steel member is allowed to fail if a finite value is assigned to its
ultimate capacity (Ce). Once the ultimate capacity has been reached, the force in a member
drops to zero and remains zero for the rest of the earthquake simulation. This model for
member failure is conservative. In actual structures, failure is further prevented by plastic
behavior and other force redistribution mechanisms. Member failure is considered in this
study as an extreme modeling assumption. Allowing failure gives a measure of the maximum
effect that a nonlinear parameter may have on the damage assessment. The scope of this
study is however limited to the failure of structural braces.
Brace failure is first considered in a three-dimensional frame. As shown on Figure 4.17, the
nonlinear effect is increased dramatically by 40%. The magnitude, sign and composition of
the nonlinear effect are all affected in this example. The change in composition is particularly
important as it is observed for all the structures considered in the following. While damage
remains primarily induced by acceleration (.72 below), the nonlinear effect is greater on drift
as a story becomes softer when a brace fails.
No Failure
Failure
MS
mD
-5 0 5 1015202530
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Figure 4.17 - Impact of brace failure modeling on nonlinear effect
(struct. B4-2)
The two-dimensional braced structures are now analyzed with models allowing and
preventing failure of the braces. The corresponding nonlinear effects EF and ENF are
determined, and the results are summarized in Table 4.8. The value of ENF is provided as a
measure of the nonlinear effect in braced frames before failure. A representative value of
-10% is considered for the conclusion on nonlinear modeling. The difference EF-ENI is the
relative increases in damage estimate due to considering failure. Overall, the figures are an
order of magnitude greater than for the two nonlinear parameters previously considered
(capacity Cy and stiffness ratio R). We also notice significant differences among the
structures. A representative value of 25% is considered for the conclusion on nonlinear
modeling.
Table 4.8 - Impact of brace failure modeling on nonlinear effect
Struct. ENF (%) EF-ENF (%) Struct. ENF (%) EF-ENF (%)
B4X -11.1 36.8 D9Y -3.3 2.9
B4Y -9.7 35.9 D3Y -6.3 25.5
B5X -20.1 40.6 D3VY 4.4 30.7
B5Y -11.7 16.5 D7VY -0.8 9.6
B3X -12.5 17.1 Avg. -8.2 25.4
B3Y -11.3 23.4 Sdev 6.3 12.1
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For the low-damping structures listed above, the net nonlinear effect when failure is
considered is mitigated by the fact that the nonlinear effect is negative when failure is
ignored. This effect is illustrated on Figure 4.18 with 3 structures that include the two
extreme cases from Table 4.8 and an intermediate one. In the first case (B5X, left) the sign
of the nonlinear effect changes but its magnitude ends up identical. In the second case (B5Y,
right) the sign still changes but the magnitude of the effect is significantly decreased. In the
third case (D9Y, bottom) the net nonlinear effect is an order of magnitude less when failure
is included. The effect of brace failure on the damage assessment is therefore highly
dependent on the properties of the structure. A common point, however, is that the
nonlinear effect is primarily due to drift when failure is modeled.
No Failure [S No Failure
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Figure 4.18 - Impact of brace failure modeling on nonlinear effect
contributions (struct. B5X, left, B5Y, right and D9Y, bottom)
4.3.4 Viscous Damper Capacity
In the nonlinear model considered, a viscous damper resists deformations with a force
proportional to the velocity until the damper capacity (CD) is reached. The capacity of a
damper is the maximum force it can develop. In this section, we evaluate the sensitivity of
the damage assessment to the damper capacity assuming that the force remains constant
when the capacity is reached. Damper failure is considered in the next section. The capacity
of a damper is a design parameter that can be varied at will. As a result, no representative
value is determined for the nonlinear effect of the dampers, and only the variations of the
nonlinear effect with the damper capacity are evaluated.
In a first study, viscous dampers are adjusted to produce equivalent damping ratios ( ') of
10% and 20% in a pair of structures with distinct structural systems. The nonlinear effect is
then determined in each structure for different values of the damper capacity. Higher
capacities are considered for the dampers designed to generate a higher damping ratio. The
results for both structures are summarized on Figure 4.19. When the capacities are low, the
dampers cannot develop the prescribed damping ratios and the structural response is not
sufficiently mitigated, resulting in a positive nonlinear effect. When the capacities are
sufficiently high, the prescribed damping ratio is provided by the dampers and the additional
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energy dissipated by the steel frame results in negative nonlinear effects. For each structure,
there is a specific value of the damper capacity for which the steel and damper nonlinearities
cancel each other out. As previously noted for the damping ratio, observing a small
nonlinear effect for a particular damper capacity does not guarantee that the nonlinear effect
is small for higher capacities.
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Figure 4.19 - Sensitivity of nonlinear effect to damper capacity (CD)
The above study is repeated with different values for the prescribed damping ratios. The
results are grouped by structure on Figure 4.20. It is first important to note that the
nonlinear effect increases quickly with the level of damping if the capacity of the dampers is
not adjusted accordingly. The limited damper capacity dominates over the increased
damping ratio. Then, we note that the shape of the functions that describe the increase in
nonlinear effect is different for the two structures. The curves are convex for the moment-
resisting frame and concave for the braced frame. From a design perspective, the damper
capacity would have to be increased more than the desired increase in damping ratio in the
moment-resisting frame, and less in the braced frame. This behavior depends on the
properties of each structure, and the above observations are only applicable to the proposed
examples.
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Figure 4.20 - Sensitivity of nonlinear effect to local damping (gL) and
damper capacity (CD) (struct. D3VX, left and D3VY, right)
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4.3.5 Viscous Damper Failure
An extreme nonlinear model for a viscous damper is to assume that the device fails when the
capacity (CD) is exceeded. After failure, the damper no longer acts on the structure and is
removed from the finite element model. Like the brace failure model discussed above, this
damper failure model is conservative and is used to evaluate the maximum effect that the
damper nonlinearities can have on the damage assessment.
Damper failure is first considered on a three-dimensional moment-resisting frame. As shown
on Figure 4.21, the net nonlinear effect is positive without failure and increases by 21%
when failure is modeled.
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Figure 4.21 - Impact of damper failure modeling on nonlinear effect
(struct. M4-2)
The two-dimensional structures equipped with viscous dampers are now considered. The
nonlinear effect is determined with models assuming damper failure (EF) and constant
damper force (ENF) when the capacity is reached. The results are summarized in Table 4.9.
The values of ENF are given for reference, but it can be seen that they vary in magnitude and
sign among the structures since different damper capacities were assigned when designing
the benchmark buildings. The difference E" -ENF is the relative increase in damage estimate
due to considering damper failure. Significant differences are observed among the structures,
and a representative value of 2 5% is considered for the conclusion on nonlinear modeling.
Table 4.9 - Impact of damper failure modeling on nonlinear effect
Struct. ENF (%) EF-ENF (%) Struct. ENF (%) EF-ENF (%)
D7VX -7.5 7.6 M4VX 6.8 42.6
D7VY 4.4 16.4 M4VY 10.8 40.1
D3VX 1.3 21.0 Avg. 2.5 22.6
D3VY -0.8 19.6 Sdev. 5.8 11.7
The results above were obtained considering the standard damping ratios and damper
capacities assigned when designing each benchmark structure. The comparison between the
models allowing and preventing failure is now repeated for a particular braced frame with
increasing values of the damper capacity. The variations of the nonlinear effect with both
models are shown on Figure 4.22. The difference between the models decreases with
increasing damper capacity, as higher earthquakes intensities are needed to activate both
nonlinear behaviors.
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Figure 4.22 - Sensitivity of nonlinear effect to damper capacity (CD)
and damper failure modeling (struct. D3VY with gL = 20%)
In a last study, two values of the damping ratio ( ') are considered in addition to varying the
damper capacity. The results on Figure 4.23 suggest that increasing the damping ratio
without scaling the damper capacity accordingly can results in a nonlinear effect comparable
to assuming failure of the dampers. For instance, in this particular case, the nonlinear effects
are similar when failure is allowed with =10% and when failure is prevented with "=20%.
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Figure 4.23 - Sensitivity of nonlinear effect to damper capacity (CD),
local damping ratio (gL) and damper failure modeling (struct. D3VX)
In this section, a selection of structural and modeling parameters that affect the nonlinear
behavior were varied. The changes in the overall nonlinear effect on the damage assessment
were quantified. We determined that while the conservative modeling of structural failure
impacts the nonlinear effect significantly, selecting a value for typical nonlinear parameters
has a limited effect. The benchmark structures considered in this section were not designed
to effectively mitigate the effects of earthquakes. The overall structural properties, which
affect both the linear and nonlinear analysis, are varied in the following section.
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4.4 Structural Properties
As opposed to the nonlinear parameters, the structural properties affect both the linear and
nonlinear response of the structure to ground motion. In this section, we consider stiffness
and proportional damping as global structural properties and determine their effect on the
nonlinear damage assessment. The correlation with the relevant nonlinear parameters is also
discussed. Unless noted otherwise, the standard values listed in Table 4.2 (p.121) apply to the
nonlinear parameters.
4.4.1 Stiffness
The effect of the lateral stiffness of a building on the nonlinear damage assessment is
twofold. First, the stiffness affects the vibration modes of the structure and therefore its
global response to ground motion. This effect is applicable to both linear and nonlinear
analyses. Then, when nonlinear analysis is used, stiffness has a second, indirect effect on the
structural response. The capacity of a structural component is related to its stiffness, and
stiffer structures also tend to be stronger. As a result, stiffer structures may remain linear
under higher earthquake intensities. In this section, the sensitivity of the nonlinear damage to
the stiffness of the structure is evaluated.
A first study is limited to braced frames. The size of the braces is varied in 3 structures, and
the nonlinear effect on the damage assessment is determined in each case. The results are
presented on Figure 4.24, with the frequency (f) of the first mode used as measure of the
overall stiffness. The nonlinear effect decreases in the negative range for the softer
structures, reflecting an increase in energy dissipation by the yielding braces. It should be
noted that the lower frequencies correspond to unrealistically soft and weak structures,
which are only considered in this study out of theoretical interest.
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Figure 4.24 - Sensitivity of nonlinear effect to braced frame stiffness
(first mode frequency f is governed by brace size)
139
Chapter 4 - Nonlinearities and Dynamic Analysis
Although stiffness and capacity are physically related in the structural components, they can
be varied independently in a finite element model. We define a generic scale factor F that can
be applied to the stiffness of the members (FK = F), the yield capacity of the members
(Fy = F) or both properties (FK = Fy = F). These 3 cases are considered for different values
of the scale factor F applied to the properties of 2 sample buildings of different structural
systems. The nonlinear effect on the damage assessment is determined for each
combination, and the results are presented on Figure 4.25.
We first notice that while the nonlinear effect varies regularly with the member capacity, it is
a more erratic function of the member stiffness. This is explained by the sensitivity of a
structure to the frequency content of the ground motion. Moderate changes in structural
stiffness can shift the modal frequencies sufficiently to alter the magnitude of the seismic
load transferred to the structure. We then notice that the variation of the nonlinear effect
with both parameters scaled simultaneously is a combination of the variations observed with
each parameter scaled separately. We conclude that both effects of the stiffness on the
structural response also contribute to the nonlinear effect on the damage assessment.
E (%) E (%)
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-30 -FK= FY =F -30 - .
0.5 1 1.5 2 0.5 1 1.5 2
F F
Figure 4.25 - Sensitivity of nonlinear effect to stiffness (factored by
FK) and yield capacity (factored by Fy) (struct. M4Y, left and B4Y,
right)
4.4.2 Proportional Damping
Local damping was previously considered for the study of the nonlinear parameters involved
in the modeling of viscous dampers. In this section, we consider the proportional damping
that is directly applied to the analysis. Proportional damping may be used to model the
inherent damping of a building or the overall effect of the energy-dissipating devices added
to the structure.
The nonlinear effect is first determined for the two-dimensional structures with two extreme
values of the proportional damping ratio (fI). The inherent damping ratio of a steel frame
may be as low as 2 %, and we use 30% as an upper bound for a structure implementing
extensive energy-dissipating systems. Results are summarized in Table 4.10, where moment-
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resisting and braced frames are distinguished. The average nonlinear effect is lower for the
moment-resisting frames at low damping and for the braced frames at high damping.
Comparable structures are placed on each row of the
for each pair of structures with the exception of
nonlinear effect due to increasing damping is 16%
7.5% for the braced structures.
Table 4.10 - Nonlinear effect with inherent
maximum added damping (gP = 30%)
table, and the above remark is verified
D9X-D9Y. The average decrease in
for the moment-resisting frames and
damping (P = 2%) and
Intermediate damping ratios are considered for a reduced set of structures of both structural
systems. The results on Figure 4.26 show that the nonlinear effect increases more rapidly at
low damping levels for the moment-resisting frames, while a more linear increase is observed
with the braced structures.
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Figure 4.26 - Sensitivity of nonlinear effect to proportional damping
(gP) in moment-resisting frames (left) and braced frames (right)
The behavior is also not uniform among structures of the same type. For instance, the rate at
which the nonlinear effect converges toward zero is significantly different between the
moment-resisting frames M6X and M4Y. The composition of the nonlinear effect for these
two extreme cases is compared on Figure 4.27. Both cases follow a similar trend that is only
more pronounced for M4Y. The nonlinearities mitigate drift and acceleration at low
damping levels, but as damping increases they become less effective at limiting drift. An
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Moment-resisting Frames Braced Frames
Struct. (P = 2% gP = 30% Struct. 9P = 2% 9P = 30%
M6X -24.6 -4.9 B5X -20.1 -9.4
M6Y -18.3 -1.9 B5Y -11.7 -5.7
D9X -13.2 -1.4 D9Y -3.3 -0.9
M4X -14.1 -0.3 B4X -11.1 -1.4
M4Y -16.0 0.7 B4Y -9.7 -1.6
M3X -15.8 0.3 B3X -12.5 -1.2
M3Y -15.0 -1.5 B3Y -11.3 -2.8
D3X -20.4 -0.5 D3Y -6.3 -2.4
Avg -17.2 -1.2 Avg -10.7 -3.2
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interpretation is that the energy dissipated by the yielding steel components becomes
negligible compared to the proportional damping applied to the structure, while the loss of
stiffness associated with yielding members still applies.
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Figure 4.27 - Sensitivity to proportional damping (gP) of nonlinear
effect decomposition (struct. M6X, left and M4Y, right)
In the studies of the nonlinear parameters presented above, the damper parameters were
evaluated for different levels of local damping, but the steel parameters were studied
assuming inherent damping only. We now propose to re-evaluate the sensitivity of the
nonlinear effect to these parameters for different levels of proportional damping. Results for
the elastic and plastic bending capacities (Figure 4.28), the general yield capacity (Figure
4.29), the post-yield stiffness ratio (Figure 4.30) and the modeling of failure (Figure 4.31) are
produced for 4 different structures. The general trend visible on the 4 studies is that
proportional damping mitigates the differences between the nonlinear models. This is due to
the lower frequency of exceedance of the ground motion intensities needed to activate the
nonlinearities when damping is high. The reduction of the differences in nonlinear effect
between the models is a consequence of the mitigation of the nonlinear effect in general.
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Figure 4.28 - Sensitivity of nonlinear
effect to yield capacity (CyE or CyP)
and proportional damping (9P)
(struct. M4X)
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Figure 4.29 - Sensitivity of nonlinear
effect to yield capacity (factored by
Fy) and proportional damping (gP)
(struct. B4Y)
142
E,= 2.5%
k= 5%
k 10%
= 20%
P= 30%
.7017 .U
FY
.0.5
M1
M2
7'
.56 .25 .19
Vj
4.4 - Structural Properties
E(%)
0
-2.5.
-5.
-7.5.
-10.
-12.5.
-15
0 10 20 30
R (%)
.0.1
-5
.10
E(%)
5.
2.5.
0
-2.5.
-5.
-7.5.
-10-
-12.5-
0 10 20 30
*No Failure
*Failure
Figure 4.30 - Sensitivity of nonlinear
effect to post-yield stiffness ratio (R)
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(struct. M3Y)
Figure 4.31 - Sensitivity of nonlinear
effect to brace failure modeling and
proportional damping (gP)
(struct. B3X)
In a last study, we determine the nonlinear effect for combinations of the two structural
properties. The stiffness of a braced frame is varied by changing the size of the braces. Each
variant of the structure is then analyzed with different levels of proportional damping. The
results are presented on Figure 4.32, with the period (T) of the first mode as measure of the
overall stiffness. The nonlinear effect is less for stiffer and highly-damped structures. It is
important to note that while the nonlinear effect appears more sensitive to stiffness than
damping, the estimated damage is primarily controlled by damping. The nonlinear damage
values for the same range of stiffness and damping are shown on Figure 4.33. The effect of
stiffness is irregular and limited in magnitude.
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Figure 4.32 - Sensitivity of nonlinear
effect to proportional damping (gP)
and period (T) (struct. B4Y)
Figure 4.33 - Sensitivity of nonlinear
damage to proportional damping (9P)
and period (T) (struct. B4Y)
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4.4.3 Site and Design Level
The nonlinear effect on the damage assessment is also sensitive to 2 parameters of the
procedure that transforms the response analysis results into this damage assessment. The
average nonlinear effect across the three-dimensional structures considered is presented in
Table 4.11 for selected values of these parameters. The parameters have similar effects on all
structures.
The fragility data provided by Hazus and used in this dissertation depends on the code level,
which characterizes the quality of the structural design and is for example related to the age
of the structure. If the same set of nonlinear analysis results is processed into damage
assessments with different code levels, the nonlinear effect is more significant when a higher
design quality is assumed. This occurs because higher values of drift and acceleration must
be reached to cause damage, and the nonlinearities increase with the structural response. In
principle, a higher design quality should be taken into account in the finite element model so
that the results of the direct integration analyses are more linear for higher earthquake
intensities. Sample fragility functions for the 3 code levels considered in Table 4.11 are
compared on Figure 2.26 (p.52).
The frequency of occurrence of earthquakes of different intensities at the site of the building
also affects the nonlinear effect. Because nonlinear response develops with increasing
ground motion intensities, the nonlinear effect is more significant where the intensity of the
average earthquake is higher. The hazard functions for the 3 locations considered in Table
4.11 are compared on Figure 2.36 (p. 69).
Table 4.11 - Average nonlinear effect (%) for representative damage
assessment method parameters
Site Average Low Moderate HighEarthquake Code Code Code
Anchorage, AK Low -3.5 -4.9 -6.1
Los Angeles, CA Moderate -4.6 -6.4 -7.9
Charleston, SC High -4.9 -7.0 -8.9
In this section, we showed that the combined stiffening and strengthening of a structure
affects the nonlinear effect on damage by both changing the global response to ground
motion and shifting the local onset of nonlinear behavior. The global addition of damping
decreases the nonlinear effect and is more effective at doing so on the softer moment-
resisting frames. We also determined that the differences between the nonlinear models
investigated in the previous sections of this chapter are mitigated as damping increases.
Finally, the nonlinear effect depends on the site of the building and on parameters of the
damage model, such as the code level to which the structure is designed.
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4.5 Summary
In this chapter, the effect of nonlinearities on the damage estimate was studied in an effort
to generalize, or limit, the applicability on linear analysis to damage assessment. A number of
trends observed on the benchmark structures were explained by the development of
nonlinear behavior in structural response analysis and its propagation through the damage
assessment procedure. These trends are expected to hold for the damage assessment of
other structures, although the values of the nonlinear effects may be different due to the
specific properties of each structure. The main observations made in this chapter are
summarized below.
Sources of Nonlinearity (section 4.2)
We determined that the different types of nonlinearities don't necessarily add up to increase
the overall nonlinear effect on the damage assessment.
- Partial cancellation of the nonlinear effect between the floors and damage systems of
a building is dependent on the structure but can be significant.
" The nonlinear behavior of a component that is part of a larger structure subjected to
ground motion may remain inactive or have a negligible effect on the damage
assessment.
= The nonlinear behavior of different structural components can have opposite effects
on structural response, and therefore on the damage assessment. In particular,
significant cancellations were observed between steel members and viscous dampers
in the benchmark structures.
The negligibility and partial cancellation of nonlinearities enhance the applicability of linear
analysis for damage assessment. They also justify the method adopted in this dissertation of
comparing the linear and nonlinear estimates of damage directly to quantify the effects of
nonlinearities on the damage assessment method. These effects are not visible or not
numerically equivalent when comparing linear and nonlinear structural responses to
individual earthquakes.
Nonlinear Parameters (section 4.3)
A selection of structural and modeling parameters that affect the nonlinear behavior were
varied, and the changes in nonlinear effect on the damage assessment were determined. The
studies may be summarized with the representative values of the nonlinear effect shown in
Table 4.12 below. These values were established using benchmark structures that do not
mitigate the effects of earthquakes particularly well, and lower nonlinear effects, in absolute
values, are observed on better designs. However the signs and relative magnitudes of the
representative values remain relevant.
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Table 4.12 - Representative values for the effect on the damage
assessment of including nonlinearities and varying their parameters
Source of Nonlinearity Nonlinear Effect (%)
Steel yield in undamped moment-resisting frame - 15
Steel yield in undamped braced frame - 10
Model selection for steel yield capacity i 2.5
Model selection for steel post-yield stiffness ± 1
Brace failure in undamped braced frame 25
Damper failure 25
Additional observations relevant to the analysis of specific structures were made in the
course of these studies:
" Reducing the capacity of steel members is not conservative for seismic damage
assessment as lower estimates of damage may be produced.
" For low-damping braced frames, the effect of considering brace failure is mitigated
by the effect of yield that dissipates energy before failure.
" When sizing dampers, observing a small nonlinear effect for a particular damper
capacity does not guarantee that the nonlinear effect is small for higher capacities.
Structural Properties (section 4.4)
The global stiffness and damping properties of the benchmark structures were varied to
determine their impact on the nonlinear effect and on the conclusions of the previous
studies.
" The combined stiffening and strengthening of a structure has non-trivial
consequences on the nonlinear effect, changing the global response of the structure
to earthquakes and shifting the onset of nonlinear behavior locally in the members.
" The global addition of damping decreases the nonlinear effect and is more effective
at doing so on the softer moment-resisting frames. The effects of the nonlinear
parameters previously quantified are also mitigated as damping increases.
" The nonlinear effect depends on the site of the building and on some parameters of
the damage model, such as the code level to which the structure is designed.
The results presented in this chapter are meant to provide insight on the propagation of
nonlinearities in the damage assessment procedure. However, due to its dependency on the
structural properties, the magnitude of the nonlinear effect should be assessed specifically
for each particular building structure.
146
Chapter 5 Application to
Viscous Damping Optimization
A design application of seismic damage assessment is presented in this chapter. Having
observed that linear dynamic analysis introduces a limited error on the damage estimate of
damped structures, we propose to use these faster analysis methods to implement an
optimization procedure for the placement and sizing of viscous dampers in building frames.
5.1 Viscous Damping Design
The relevance and challenges of implementing optimization for damping design are
underlined in this section. A review of existing optimization examples shows that the specific
problem of life-cycle cost minimization remains unaddressed, and the practical problem
considered in the rest of this chapter is then introduced.
5.1.1 Practical Importance
Damping is an effective and reliable strategy to mitigate the response of a structure to
seismic loads. The study of a structure with various levels of damping, stiffness and strength
at the end of Chapter 4 (Figure 4.33 p. 143) illustrates the efficiency of energy-dissipation
compared to strengthening. Viscous dampers have been used for a sufficiently long time to
have experienced earthquakes of significant magnitude in real structures, and there is a
growing confidence in the technology. This chapter proposes a method to install and tune
viscous dampers to improve seismic performance specifically. However, adding damping to
a structure also improves its performance under other dynamic loads to some extent.
The retrofit of existing structures is an important part of the earthquake engineering
business. When damping is chosen as retrofit method, devices must be sized and installed in
a structure that cannot be drastically modified. In some cases, damping is part of a more
comprehensive retrofit plan, and the structure may be reinforced to accommodate the
internal forces produced by the dampers. Yet, the overall mass and stiffness properties of
the structure remain essentially the same. A process similar to seismic retrofit can be applied
to the design of new structures, with the earthquake loads considered once the gravity and
wind designs are complete. This lack of integration leads to less efficient structures but
improves productivity, especially when experts are needed for the seismic design. The
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placement and sizing of dampers independently from the design of the rest of the structure
is therefore a relevant problem in the industry, for both new and existing buildings.
Damping is also a particularly relevant field of application for optimization. The full
automation of structural design through optimization has received research interest but
remains far from transferable to the engineering practice (Clune 2013). The smaller and
better-defined problem of selecting and placing dampers in a pre-existing building frame is
more likely to be automated in a design office, as long as an optimization method handling
an engineering description of damping is available. As damping has been used for a longer
time than other mitigation methods, more experience and more data is also available to
construct the mathematical models needed for design automation and optimization.
Finally, structures damped to various degrees were used throughout this dissertation to
represent different levels of seismic mitigation. Some conclusions on the limited nonlinear
behavior of damped structures are expected to hold for buildings implementing other
mitigation methods, but these results have only been demonstrated for damping. The linear
damage assessment method proposed to implement efficient optimization should therefore
only be applied to damped buildings at this point. In addition, we need to determine the
magnitude of the nonlinear effect in optimally damped buildings to conclude on the
applicability of linear analysis to optimization.
5.1.2 Existing Optimization Examples
Methods for optimizing the placement and/or sizing of viscous dampers in structures have
been proposed with the development of performance-based design and the availability of
cheaper and more reliable damping devices. A comparative review of 5 methods has been
proposed by Whittle (2012). Another selection of references is listed in Table 5.1 below. Far
from being exhaustive, the short list reflects the variety of optimization problems that have
been formulated. Different solution methods have also been proposed.
The damper coefficients have often been used as optimization variables and are directly
usable in practice. However, the examples presented in the literature remain impractical due
to the idealization of structures as two-dimensional lumped mass models for computational
efficiency. While these models provide a clear insight into the effect of dampers on seismic
behavior, they cannot support a practical design process.
In a majority of published examples, measures of structural response and of the total amount
of damping are used as the objective function and to define constraints. Two exceptions are
listed in Table 5.1, with Marano et al. (2007) setting a constraint on collapse probability and
Dogruel (2009) minimizing the life-cycle cost of the building. In the latter example, an
estimate of lifetime seismic damage is part of the objective function. Like in several similar
studies on life-cycle cost minimization, a genetic algorithm was proposed to solve the
problem. The number of objective function evaluations required by a genetic algorithm
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limits their application to small problems, using simplified models of the structures and
considering few options for the placement and sizing of dampers.
Table 5.1 - Selected references on viscous damping optimization
Reference Variables Objective Constraints Method(to minimize) (to not exceed)
Takewaki Damper Drift under Sum of damper Gradient search
(2000) coefficients harmonic load coefficients algorithm
Damper cost, drift Damper cost, drift Engineering
Liu et al. Damper or acceleration or acceleration heuristics based on
(2005) coefficients under 3 selected under 3 selected modal analysis
records records results
Lavan and Drift and energy
Levy Damper Sum of damper dissipated through Gradient search
(2006) coefficients coefficients yield under worst- algorithm
case records
Collapse/Failure
Marano et al. oor contribution Total modal probability under Specifically-
(2007) to modal damping damping ratios randomly- developed method
ratio generated records
Life-cycle cost
Dogruel Presence/absence considering 3 none Genetic algorithm(2009) of dampers hazard levels
Roof displacement
Sommez et al. Damper or base shear Sum of damper Artificial bee
(2013) coefficients under harmonic coefficients colony algorithm
load
We conclude that the existing examples for damping design optimization do not satisfy the
requirements for practical cost minimization formulated in the introduction to this
dissertation. These requirements are to handle engineering parameters and to evaluate
lifetime damage through a rigorous probabilistic method (1.3 p.1 3 ).
5.1.3 Problem Formulation
This section defines the practical optimization problem considered in the rest of this chapter
for the placement and sizing of viscous dampers.
The various costs associated with installing dampers and the cost of future damage make up
the total cost to be minimized. It is equivalent to a life-cycle cost.
Potential damper locations are identified for the structure to be upgraded. A damper location
is a place in the structure that can accommodate one or several types of damper systems, as
shown on Figure 5.1. Damper systems are entities that are inserted into an existing structure
to provide damping. A damper system includes one or multiple viscous dampers, but also
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the supporting members or reinforcements for the surrounding structure that would be
installed with the dampers. Damper systems may be standardized or designed for specific
locations. From an implementation standpoint, a damper location is a set of nodes in the
finite element model to which a damper system can be connected. In the following, the
components of a damper system other than the viscous dampers are not modified in the
design process, and all viscous dampers of a system have the same properties. A damper
system is then simply referred to as a damper.
Diagonal Chevron Toggle Double Toggle
Figure 5.1 - Viscous damper systems installed in a building frame
Three-dimensional OpenSees models are used in this study. These structural models are
similar to the ones built with commercial software in design offices, with individual elements
representing all major structural components. The optimization method presented in the
following could therefore operate on commercial structural analysis programs through an
application programming interface.
Each damper has two engineering properties: a coefficient and a capacity. The coefficient
controls the amount of energy dissipated by the damper, and the capacity is the maximum
force under which the damper remains operational.
A generic optimization problem is formulated in Table 5.2. Placing a damper at a particular
location is equivalent to assigning a damper coefficient and capacity to the location. A
possible formulation is therefore to consider location-specific coefficients and capacities as
optimization variables. Assigning a zero coefficient to a location is equivalent to not placing
any damper at the location.
Table 5.2 - Generic optimization problem
With c and F variable, minimize:
I(F)+ L(c,F) (5.1)
Such that, for each location k:
cv < F (5.2)
I investment in damping L loss due to future damage
k location v ={v k} structure velocities
C = {ck } damper coefficients F = {Fk } damper capacities
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The investment in damping is noted I(F) as we assume that the cost of a damper only
depends on its capacity. The coefficient of modern dampers can be adjusted at nearly no
cost, while a higher capacity requires a stronger device and sometimes the reinforcement of
the structure to which it is attached.
In an actual structure, both properties of a damper can affect the response to ground motion
and the subsequent loss, hence the general notation L(c, F). The damper capacities have no
effect on the loss when it is estimated from linear analysis results.
The velocities in constraint (5.2) are representative of the magnitude of the structure's
response to ground motion. The coefficient of a damper placed at a location must be
sufficiently low for the capacity of the damper to not be exceeded under the representative
velocity. This is an example of a true performance-based design step, where the decision is
directly governed by the performance of the structure. The representative velocities may be
determined from the seismic hazard functions and the response analyses performed to
estimate damage. For example, we can consider the velocity that has a particular probability
of occurrence in a particular number of years.
5.2 Solution Strategy
In the following, we propose another formulation of the generic optimization problem
introduced above that can be solved more efficiently when linear analysis is used for the
damage assessment. The use of a simple search algorithm is then recommended based on
the convex shape of the objective function in terms of the proposed variables.
5.2.1 Inner-Outer Formulation
The use of fast linear response analysis methods allows iteration of the process through
which the losses due to future damage and the representative velocities are calculated. This
computational efficiency is necessary but not sufficient to effectively solve the optimization
problem formulated above (Table 5.2).
The large number of potential damper locations in a building structure results in many
damper coefficient and capacity variables in the optimization problem. In addition, the
relationship between the presence of dampers at particular locations and the estimated
seismic damage is not straightforward and can only be quantified by performing the full
damage assessment. With the damper coefficients and capacities as optimization variables,
identifying the optimal solution therefore requires the exploration of a large and complex
design space by an optimization algorithm.
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To simplify the design space, we propose to use the modal damping ratios as optimization
variables. The corresponding formulation of the generic problem is given in Table 5.3.
In the modified formulation, the modal damping ratios ( ) are selected by an outer
optimization algorithm. An inner optimization problem is then solved to determine the
cheapest arrangement of dampers that produce equivalent modal damping ratios that are at
least as large as the ones prescribed by the outer algorithm. The solution to this inner
problem consists of the investment in damping (I) and the damper properties (c,F). With the
damper properties known, the losses (L) due to future damage can be determined. The outer
algorithm adjusts the modal damping ratios until a design that minimizes the total cost (I+L)
is identified.
Table 5.3 - Generic optimization problem in inner-outer formulation
With i variable, minimize:
I( ) + L(c( )) (5.3)
With c and F variable, minimize:
I(F) (5.4)
Such that, for each constrained mode m:
Where I(M),c(i)= Mx ck m (5.5)
And for each location k:
CkVk Fk (5.6)
I investment in damping L losses due to future damage
k location c = {ck } damper parameters
m mode F = {F } damper capacities
contribution of location k to v = {vk structure velocities
Xkm
mode m damping ratio ={Em} modal damping ratios
This inner-outer formulation is more efficient as no response analysis is performed within
the inner problem that handles the large number of engineering variables. Response analysis
is only performed when a new set of modal damping ratios is considered by the outer
algorithm. The formulation of the inner problem is flexible, and it can be adapted to
represent technical, architectural or economic constraints as discussed in section 5.3 below.
An approximation in the above formulation is that the structure velocities (v) do not depend
on the response analysis results. The velocities are used to set up the inner problem, while
the solution to the inner problem is needed to set up the response analysis that could
determine the velocities. A solution is presented in section 5.2.2 below.
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5.2.2 Outer Objective Function Evaluation
The process of evaluating the objective function (5.3) above is described in the following
and illustrated on Figure 5.2 below. Values of the modal damping ratios ( ) are selected by
the outer optimization algorithm, and the corresponding total cost (I+L) is to be
determined.
Mode superposition can be used to perform a first incremental response analysis since this
method only requires the modal damping ratios and not the locations and properties of the
dampers. This first analysis provides response functions that are used to determine the loss
(L) due to future damage. Another output is the representative velocities (v), which are
needed to set up the inner optimization problem. The inner problem is then solved,
identifying the cheapest damper layout (c, F) that satisfies the constraints on the damping
ratios considering the structure velocities. The investment (I) in damping is also calculated.
The mode superposition method introduces a significant error when analyzing the response
of non-proportionally damped structures. As a result, the loss value determined from the
first incremental response analysis may not correspond to the damper layout obtained by
solving the first inner problem. We propose to perform a second incremental response
analysis using the linear direct integration method, which can now be set up since the
damper layout is known. In addition to a new loss value, new velocities are obtained from
this analysis. The velocities are used to update the inner optimization problem, which is
solved again to determine a new damper layout and the associated investment. The process
is repeated until a convergence condition for the total cost or the damper layout is satisfied.
Modal Damping
Ratios (9)
Incremental Response Analysis
based on Mode Superposition
+ Damage Assessment
velocities (v)
Damper Placement and Sizing
mm I(F)
c,F
s.t. xmck 2 m Vm
k
ck vkFk Vk
velocities (v)
Incremental Response Analysis
based on Linear Direct Integration
+ Damage Assessment
Loss (L)
Damper
Parameters (c)
Investment (I)
Loss (L)
Damper_
Parameters (c)
Figure 5.2 - Outer function evaluation
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5.2.3 Inner Problem Initialization
The modal damping ratios are the outer optimization variables. A set of ratios prescribed by
the outer algorithm is in the feasible region of the outer objective function only if the inner
problem has a solution. The constraints of the inner problem depend on the prescribed
ratios, but also on the velocities determined through analysis. The relationship between
damping and velocity and its effect on the feasibility of the inner optimization problem are
described below.
The velocities always have non-zero finite values. When the added damping is low, the
velocities are high but remain limited by the inherent damping of the structure. Dampers of
sufficient capacity can therefore be installed to satisfy the prescribed ratios. When damping
is high, the velocities are low but never negligible since dampers have no effect on structures
that do not deform. There is therefore always an upper bound on the damping ratios that
can be achieved. This constraint, however, only impedes optimization if the number of
possible locations or the capacities of the dampers are too limited.
For some combinations of the prescribed damping ratios, the velocities determined by the
first analysis can lead to an unfeasible inner optimization problem while there are, in fact,
damper layouts that can achieve these ratios. A common situation is when small and large
ratios are assigned to different modes. With the mode superposition method used for the
first analysis, the lack of damping on a single mode can dramatically increase structural
response, and the velocities may be too high for the inner optimization problem to have a
solution considering the limited damper capacities. Adding dampers to a structure affects all
the modes that deform these dampers, and there cannot be isolated modes with much lower
damping ratios. The low prescribed ratios would be largely exceeded with any damper layout
that satisfies the high prescribed ratios, and the high velocities that prevent solving the
problem would then be lower. We propose to limit the occurrence of these situations by
modifying the prescribed damping ratios for the first analysis only. To produce a set of ratios
that is closer to what could be achieved by installing dampers, we assume that all locations
are equipped with dampers of same coefficient. This coefficient is then chosen large enough
to exceed the prescribed ratio for every mode (5.7). The damping ratios obtained are used
for the first analysis only. This method was effective at preventing sets of damping ratios
from being falsely declared infeasible in the first iteration of the inner optimization problem.
= c"Ixc with c =max ' J (5.7)
\k /
where $"' damping ratio assigned to mode m for the initial analysis
cINI damper coefficient assumed at all locations for the initial analysis
m prescribed damping ratio for mode m
xk contribution of location k to damping ratio of mode m
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5.2.4 Outer Design Space and Algorithm
In the outer optimization problem, the total seismic cost is minimized by varying the modal
damping ratios. In the following, we provide insight into the shape of this cost function by
mapping it for the damping ratios of the first two modes of an example building.
Figure 5.3 - Sample building structure and first two mode shapes
The structure is the 6-story, L-shaped braced frame shown on Figure 5.3. Its first two modes
are in orthogonal directions and are closely-spaced, with periods of 0.92 s and 0.86 s
respectively. The damping ratios of these modes are noted , and 2 and are varied from 0%
to 40% with increments of 5%. For each pair of modal damping ratios, the total cost is
determined by evaluating the outer objective function with the process proposed above.
In the inner optimization problem, chevron dampers with a capacity of 90 kipf may be
placed between any pair of adjacent columns, with the exceptions of the building facades
and the locations occupied by braces. The damping coefficient of each damper is adjusted
separately based on the velocities recorded in the incremental analysis so that the maximum
expected force in 100 years matches the damper capacity. This formulation of the inner
optimization problem is detailed in section 5.3.1 below.
The contributions to the lifetime loss function are shown on Figure 5.4. Lifetime loss is
determined from the annual damage by assuming a discount rate of 2 .5 % over 100 years.
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Figure 5.4 - Lifetime loss function decomposition by damage system
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The loss is expressed as a fraction of the initial building value. We note that the acceleration-
induced damage dominates in the stiff braced structure of the sample building. The loss
function for this system is flat and non-zero at high damping ratios, revealing the limit to
which damping can mitigate acceleration-induced damage.
The sum of the 3 loss components is the lifetime loss (L) shown on Figure 5.5. The
investment (D in damping is then added to form the total seismic cost (I+L). Like the
lifetime loss, the investment flattens at high damping ratios. Adding damping to a structure
that is already damped is cheaper because the velocities are lower, allowing for higher
damping coefficients in the existing devices at no cost instead of adding dampers. The
flatness of the total cost function near the optimal design and at higher damping ratios also
suggests that designing for a high level of damping is a good strategy when no optimization
can be performed.
L (%) I (%) I+L (%)
12'12 12
4, 4
04 0 .40 4
.22 4 0 2 .
40 . 40 .40
Lifetime Loss Investment Total Cost
Figure 5.5 - Objective function decomposition
We note the overall convex shape of the total cost function. While evolutionary algorithms
have been used in existing examples of optimal damper placement with life-cycle cost
considerations, we propose to take advantage of the convex objective function defined in
this study to implement more efficient search algorithms.
The computational advantage of not using an evolutionary method is illustrated on Figure
5.6. The Covariance Matrix Adaptation Evolution Strategy (CMA-ES) method and a genetic
algorithm (JGAP) are compared to the Bound Optimization by Quadratic Approximation
(BOBYQA) method (Powell 2007; 2009). For the purpose of this illustration, a close-form
objective function is fitted to the data points obtained by exploring the design space. Each
dot corresponds to an evaluation of the outer objective function. The number of damage
assessments performed to evaluate the objective function varies from 2 to 5, but on average
the runtime of the optimization procedure is proportional to the number of objective
function evaluations. For the example shown on Figure 5.6, this number is 98 with the
CMA-ES algorithm, 34 with the genetic algorithm, and 17 with Powell's method.
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Figure 5.6 - Outer function evaluations with evolutionary algorithms
(top) and Powell's method (bottom)
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5.3 Damper Placement and Sizing
This section focuses on the inner optimization problem, where viscous dampers are placed
and sized in a building frame to achieve prescribed modal damping ratios. Continuous,
binary and mixed-integer formulations are proposed. The formulations of increasing
complexity can be used to represent more engineering, architectural and economic
constraints at the expense of longer solution time.
5.3.1 Linear Continuous Formulation
Linear continuous programs can be solved efficiently on large problems. With the damper
parameters as optimization variables, the constraints formulated in the generic inner problem
can be used directly, and only a cost function needs to be specified.
Table 5.4 - Linear continuous formulation of the damper placement
and sizing problem
With the yk variable, minimize:
Z (rkvk)Yk (5.8)
k
Such that, for each constrained mode m:
ExIfmYk m (5.9)
k
And for each location k:
vkYk s; Gk (5.10)
k damper coefficient at location k
rk cost per unit force at location k
xkm contribution of location k to damping ratio of mode m
m prescribed damping ratio for mode m
vk velocity at location k
Gk maximum allowable force at location k
In the above formulation, the cost of a damper is proportional to the force it experiences
under the representative velocity (5.8). The cost of an actual damper is also function of its
capacity whether or not it is ever reached or exceeded during the lifespan of the structure.
However, constraint (5.10) tends to be tight for all locations equipped with dampers but one.
If the same capacity Gk is assigned to all locations considering that it's in fact the capacity of
the potential dampers, the cost becomes essentially proportional to this damper capacity and
the number of dampers used. A limitation is that a single damper capacity can be considered
for each location. The formulations presented below remediate to this problem.
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5.3.2 Binary Formulation
With the formulation below, different damper types can be defined and considered for each
location. A damper type may correspond to a particular model available from a
manufacturer's catalogue. The cost of adding a damper to the structure can be set to a
different value for each combination of damper type and location. The total cost can also
depend on whether a damper type is included in the solution.
Table 5.5 - Binary formulation of the damper placement and sizing
problem
With the aik and Pi variable, minimize:
l Pikacjk+ IqjPi (5.11)
k
Such that, for each constrained mode m:
x ck k (m and cjvka jk (5.12)
k
or
X j m (5.13)
k k
For each location k:
I Ojk (5.14)
For each damper type j:
(5.15)
- Npj : 0 (5.16)
k
cik 1 or 0, whether a type j damper is at location k
Pi 1 or 0, whether type j dampers are in the solution
Pik cost of using a type j damper at location k
qi cost of using at least one type j damper
xk contribution of location k to damping ratio of mode m
m prescribed damping ratio for mode m
ci coefficient of damper type j
F capacity of damper type j
vk velocity at location k
N number of locations
n maximum number of damper types in the solution
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Two formulations are considered for the constraint on modal damping:
" The pair of constraints (5.12) applies when it is assumed that all dampers of the same
type have the same coefficient and capacity. If the capacity-to-coefficient ratio of a
damper type is less than the representative velocity for a location, the damper type is
not considered at the location. When implementing this method, the binary variables
corresponding to the incompatible pairs of type and location are simply not included,
and the second constraint in (5.12) does not need to be programmed.
" Constraint (5.13) is used when it is assumed that all dampers of the same type have
the same capacity, but that the coefficient of each damper is adjusted to develop a
force equal to the capacity under the representative velocity of the location. This is a
relevant model for practical applications, as damper coefficients can in fact be
adjusted on some damper models.
Constraint (5.14) ensures that no more than a single damper type is placed at any location,
and the optional constraint (5.15) limits the number of damper types that may be included in
the solution. Finally, constraint (5.16) is only included if the damper type variables P, are
used, that is, if the cost factors q, are not zero or constraint (5.15) is applied.
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5.3.3 Linear Mixed-Integer Formulation
In the formulation below, dampers of the same type have the same capacity, but the damper
coefficients are continuous optimization variables. A damper can now be mobilized to only
part of its capacity in order to reduce the forces applied to the structure. Reinforcing a
location to accommodate the damper forces is an additional cost that can be modeled with
the third term of the objective function. The constraints are similar to the ones of the
previous formulation. Only constraint (5.19) is added to limit the values of the damper
coefficients based on the capacities and velocities.
Table 5.6 - Linear mixed-integer formulation of the damper
placement and sizing problem
With the aci, P and y variable, minimize:
Z1:PikCk+ Zqjpj+ (vrkvk)Yk (5.17)
k k
Such that, for each constrained mode m:
ZX mYk m (5.18)
k
For each location k:
SF, Olk _vkyk 0 (5.19)
Cxjk 1 (5.20)
For each damper type j:
Xf :! n (5.21)
- Np i 0 (5.22)
k
cik 1 or 0, whether a type j damper is at location k
Pi 1 or 0, whether type j dampers are in the solution
k damper coefficient at location k
Pik cost of using a type j damper at location k
q cost of using at least one type j damper
rk cost per unit force at location k
xkm contribution of location k to damping ratio of mode m
Em prescribed damping ratio for mode m
F, capacity of damper type j
vk velocity at location k
N number of locations
n maximum number of damper types in the solution
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5.4 Illustration
Important aspects of the proposed optimization method are illustrated in this section.
5.4.1 Inner Problem Formulation
The inner optimization problem determines the cheapest damper layout that achieves the
damping ratios prescribed by the outer algorithm. Considering the two variants of the binary
formulation, a total of 4 formulations have been proposed for this inner problem
(section 5.3). In the following, the different formulations are used to determine a damper
layout for benchmark structure B5 with a damping ratio of 10% prescribed for the first 3
modes. The modal properties of the structure are available in Appendix A, and Figure 5.7
below shows the locations where chevron damper systems can be installed. The optimal
damper layout obtained with each of the 4 formulations is shown on Figure 5.8 (next page).
Figure 5.7 - Potential locations for chevron damper systems in
benchmark structure B5
With the linear continuous formulation, only one damper capacity can be considered for
each location. Dampers that can develop a force of 200 kipf are used in this example.
The binary formulation allows consideration of several damper types at each location. The
capacity of a damper type is fixed, and 4 damper types of capacities ranging from 150 kipf to
300 kipf are considered in this example. We assume that the ratio of the cost to the capacity
of a damper type decreases with increasing capacities. As a result, the highest capacity of
300 kipf is favored in the solutions obtained with both variants of the binary formulation.
Dampers of lower capacity are also included in both variants, but for different reasons. In
the first variant of the binary formulation, the coefficient of a damper type is fixed.
Considering the high velocities at the locations where dampers are effective, the coefficient
of the preferred 300 kipf damper may be too high for this damper type to be used. In the
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second variant of the binary formulation, the coefficients are adjusted such that every
damper is used to capacity. The solution still includes 2 dampers of capacity less that
300 kipf because these cheaper dampers had enough capacity to finish raising the damping
ratios to the prescribed values.
Finally, in the mixed-integer formulation, the cost of a damper depends on the force that it
experiences. If not fully needed to achieve the damping ratios, some damper coefficients can
be lowered to limit this force, and dampers of high capacity are no longer always preferred.
Linear Continuous Formulation Binary Formulation - Fixed Coefficients
Binary Formulation - Adjusted Coefficients Mixed-Integer Formulation
w 150 kipf * 200 kipf r 250 kipf m 300 kipf
Figure 5.8 - Sensitivity of the optimal
problem formulation
damper layout to the inner
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5.4.2 First Analysis Damping
As presented in section 5.2.3 above, the prescribed damping ratios are modified for the first
incremental response analysis of each evaluation of the outer objective function to prevent
situations where the ratios are falsely declared infeasible. For each mode, the modified ratio
equals or exceeds the prescribed one and, as a result, additional damping is considered for
the first analysis. In the following, we show that the first solution to the inner problem can
be significantly affected by this adjustment. Benchmark structure M6 is used, with 200 kipf
dampers considered for the locations shown on Figure 5.9.
Figure 5.9 - Potential locations for chevron damper systems in
benchmark structure M6
A damping ratio of 10% was prescribed for the third mode only, which is torsional. By
assuming a uniform damper distribution and matching the prescribed ratio for the 3rd mode,
the modified ratios used for the first analysis are high for all first 3 modes. The first response
velocities are low, and the first inner solution consists of a few dampers with high
coefficients. The second analysis is based on the first damper layout, which focuses damping
on the 3rd mode specifically. With the other modes undamped, the second velocities are
higher, and more dampers with lower coefficients are included in the second inner solution.
Adjusting the modal damping ratios for the first analysis typically adds an iteration of the
inner problem when evaluating the outer objective function.
Figure 5.10 - Damper layout after the first (left) and second (right)
iterations of the inner optimization problem
164
5.4 - Illustration
5.4.3 Multiple Mode Consideration
In the following, we illustrate the extent to which the set of modal damping ratios
considered as outer optimization variables can affect the optimal solution
The sample structure shown on Figure 5.11 below can be equipped with a chevron damper
system between any pair of adjacent columns, with the exception of the building facades.
The linear continuous formulation is used for the inner problem, with dampers of capacity
100 kipf considered for each location.
Figure 5.11 - Additional sample structure for damping optimization
Damping ratios between 5% and 40% are first prescribed for each of the first 5 modes
individually, with no requirement on the other 4 and all higher modes. The same range of
damping ratios is then prescribed for the first 5 modes simultaneously, still with no
requirement on the higher modes. For each case, Figure 5.12 shows the evolution of the cost
function with the prescribed damping ratio, and Figure 5.13 shows the damper layout for the
optimal damping ratio. The cost function includes the losses due to future earthquake-
induced damage and the investment in damping, which is based on the number of dampers.
When damping is prescribed for one of the first two modes, a minimum of the cost function
is identified within the range of damping ratios considered. However, the cost reduction
from the undamped case is limited because of the damage induced by the response of the
structure in the direction of the undamped mode.
For the 3 higher modes, the lowest cost is obtained for the highest damping ratio
considered, and the reduction from the undamped case is not significant. Fewer dampers are
needed to achieve the prescribed damping ratios because the higher modes experience more
deformation. The few dampers installed are then not sufficient to mitigate the response of
the fundamental modes, and the damage estimate remains high.
A lower minimum of the cost function is identified when damping is prescribed for the first
5 modes simultaneously. In this case, the response is mitigated in all the translational and
rotational directions, decreasing the damage estimate drastically.
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Figure 5.13 - Optimal damper layouts with single modes and first 5
modes prescribed
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5.5 Summary
A formulation was proposed for the problem of installing viscous dampers in building
frames. It is summarized as follows:
" The objective function is a total cost that includes the investment in damping and
the losses due to future earthquake damage.
" An inner-outer formulation of the optimization problem limits the number of
damage assessment to be performed in the solution process. The total cost is a well-
behaved function of a limited number of modal damping ratios used as outer
optimization variables. The large number of damper locations and properties are
handled in an inner optimization problem, whose solution requires no estimate of
damage.
" Continuous, binary and mixed-integer formulations of increasing complexity can be
used to model a number of practical, technical and economic constraints in the inner
optimization problem.
" The response of the structure determined through analysis is used explicitly in the
formulations of the inner optimization problem, whose solution is a true
performance-based design process.
Observations were made on the cost of damping:
= By adjusting the capacity required for the dampers based on the structural response,
the cost of adding dampers decreases with the amount of damping already present.
- The total cost is less sensitive to changes in damping at high damping levels, where
the optimal design typically lies. Designing for a high damping level is a reasonable
strategy when optimization cannot be performed.
This application of damage assessment to damping optimization is relevant to this
dissertation in two main aspects.
- The proposed optimization method satisfies the requirements for practical structural
optimization formulated in introduction: it can be implemented on full structural
models and provides solutions in terms of engineering parameters.
" Optimal damper designs typically feature high levels of damping, confirming the
potential of linear analysis for design and optimization applications.
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Chapter 6
Conclusions
6.1 Summary of Contributions
The results and conclusions of the studies presented in this dissertation are summarized at
the end of each chapter, and the main contributions to the development of performance-
based earthquake engineering are recalled in the following.
This dissertation first adds to the understanding of earthquake damage assessment.
Throughout this work, steps of the damage assessment method were varied while the effects
on the estimated damage were observed. The quantification of these effects is an original
contribution to the field of earthquake damage assessment.
= The effects of a structure's nonlinear behavior in dynamic analysis were studied by
selectively activating different sources of nonlinearity and varying some nonlinear
modeling parameters.
= The consequences of neglecting nonlinearities, damping non-proportionality and the
phase information between the vibration modes were determined by considering the
linear direct integration, mode superposition and spectral combination methods to
support damage assessment.
= The procedure to estimate damage from the response analysis results was studied by
varying its computational steps and the hazard and fragility information on which it
relies.
A number of contributions were then made toward the objective of turning probabilistic
damage assessment into a practical tool for performance-base design.
- We improved the efficiency of the nonlinear incremental response analysis procedure
by reducing the range of ground motion intensities for which nonlinear analysis is
required.
" We showed that using an approximate linear analysis method to produce damage
assessments more rapidly could lead to better solutions when applied to the design
of structures of high seismic performance.
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" We proposed a practical, distribution-free procedure to determine lifetime damage
from the response analysis results.
An application of damage assessment to the placement and sizing of viscous dampers in
building frames for minimum life-cycle cost was proposed. A specific formulation allowing
for an efficient solution strategy was developed for this optimization problem.
While this research focused on analysis and design methods rather than products, the results
presented throughout this dissertation constitute a substantial argument that investing in
seismic mitigation is beneficial in the long term.
Finally, the software environment developed for this dissertation is a useful tool to continue
research in the field of performance-based earthquake engineering and to transfer the
research findings to the design office.
6.2 Comments on Uncertainties
The definition of a practical damage assessment procedure and the selection of an analysis
method were performed with care to minimize the effect on the damage estimates. The
errors still introduced by the simplifications were quantified throughout this dissertation.
However, the damage estimates remain as accurate as the data on which they rely, and a
significant degree of uncertainty is associated with the use of the seismic hazard and
component fragility functions. In this dissertation, conclusions were therefore drawn from
comparisons of uncertain estimates of damage. Despite this uncertainty, the studies and
conclusions remain relevant contributions for the reasons summarized below.
" Uncertainty in the fragility data is partly due to the original development of seismic
damage assessment at the scale of entire cities or regions. This dissertation aims at
developing the application of damage assessment to the detailed design of particular
structures, whose physical properties and subsequent fragility can be known with
more confidence.
" A better understanding of the damage assessment method can steer the data
collection efforts. For instance, we have shown that the nonlinear behavior of some
structural components have little effect on the damage assessment. Priority should
therefore not be given to refining the nonlinear models for these components.
" Throughout this dissertation, comparisons are based on relative differences between
damage estimates using the same data. Changes in the data are expected to shift all
damage assessments in a similar direction, with a limited effect on the relative
differences considered for the comparisons.
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In design optimization, investments in seismic mitigation are compared to absolute
values of damage. The hazard and fragility functions are constantly being refined, but
there is no indication that they should drastically change as a result of more data
collection efforts. Future adjustments in the data may shift the optimal design of a
building but is not expected to affect the decision to whether or not implement
seismic mitigation.
6.3 Impact
Some conclusions of this dissertation are directly transferable the design of buildings, while
some of the ideas presented could influence the future development of performance-based
earthquake engineering.
" Part of the work presented in this dissertation facilitates the implementation of
earthquake damage assessment in the structural design office. Even without a formal
optimization procedure - whose practical implementation constitutes a different
challenge - the ability to produce estimates of lifetime seismic damage is useful to
inform decisions in a structural design process.
" Evaluating performance simply and quickly, even at the expense of a limited error, is
a step toward the original goal of performance-based design. The objective was
produce structures that perform as required under a range of scenarios. High-end
structural analysis has relevant design applications, but its blind implementation to all
design problems could turn performance-based design into the mere performance
assessment of traditional structures. With earlier and quicker performance
assessments, more design options can be considered in a true performance-based
design process that results in better solutions. The ability to perform more analyses
also allows for comprehensive performance assessments, where a structure is
evaluated under more scenarios.
6.4 Limitations and Future Research
By fully automating the modeling, analysis and damage assessment processes, we were able
to explore several aspects of seismic damage assessment on a significant number of cases
compared to previous studies. However, the scope of this work remains limited considering
the range of existing and potential applications of performance-based earthquake
engineering. Important limitations are listed below, along with suggestions for future
research.
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" Only steel structures were considered in this study, while concrete and mixed
structural systems are widely used seismic areas such as California. Because the
different types of structures at a given location are designed for the same set of
loads, their global behavior under ground motion show many similarities. Some
observations made in this dissertation are however conditioned by the type of steel
structural system, suggesting that concrete structures would also yield different
results. In particular, the sources of nonlinear behavior are different in steel and
concrete, and the study of the nonlinear effect on the damage assessment proposed
in Chapter 4 needs to be repeated for concrete structures.
" Only viscous damping was considered for seismic mitigation. The set of benchmark
buildings contains structures with different levels of damping, and the optimization
of damper placement and sizing is proposed as practical application. While other
mitigation methods are expected to have similar effects on the nonlinear character of
structural response, specific studies need to be performed. We noted that steel
strengthening, briefly considered in Chapter 4, reduced the nonlinear effect on the
damage assessment by an amount comparable to viscous damping.
" The use of linear analysis would benefit from the ability to determine bounds on the
difference between linear and nonlinear damage assessment. Two approaches are
proposed. First, results presented in this dissertation suggest that relationships can be
established between the properties of a structure and the nonlinear effect on the
damage assessment. Quantifying these relationships would allow calculation of the
nonlinear effect for a range of structural designs from a single nonlinear damage
assessment. Another option is to study the possibility to evaluate the nonlinear effect
from a few nonlinear analyses instead of a full nonlinear damage assessment.
" A trend that highly-mitigated structures behave linearly under most earthquakes
would not be verified for those mitigation devices designed to behave nonlinearly
even for low amplitude of the structural response. The behavior of these devices is
however well known, and it may be possible to account for the nonlinearities without
resorting to full nonlinear simulation.
" The optimization method proposed as application of the linear damage assessment is
specific to the placement and sizing of viscous dampers in building frames. Linear
analysis could also be used to speed up the genetic algorithms that have already been
proposed for the optimization of other seismic mitigation methods, but more
efficient optimization algorithms making explicit use of the linear behavior should be
considered. An important point is to determine whether the performance of the
optimal designs with the different mitigation methods is accurately estimated
through linear analysis.
The software infrastructure developed for this dissertation is an adequate tool to support the
research tasks listed above.
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Modal Properties of Benchmark Structures
In this appendix, the mode shape is drawn for the first 3 modes of the three-dimensional
building models. The following quantities are then listed for the global modes that are
primarily horizontal and have a frequency lower than 20 Hz.
Tm period (s) of mode m
F., Fmv participation factors in horizontal directions x and y
m P proportional damping ratio
L equivalent damping ratio of the localized damping devices
The participation factors correspond to mode shapes scaled so that the maximum effective
horizontal displacement is 1 across all structural nodes. With (Dmdn the component of the
shape of mode m for node n in direction d:
max o. 2 + 2=1 (A.1)
The proportional damping ratios follow the Rayleigh damping model and are scaled in this
appendix so that the value is 1 for the first two modes. When a benchmark structure is used
in this dissertation, its label contains an integer value representing the proportional damping
ratio assigned to the first two modes (e.g. M6-2 is M6 with j = 2p = 0.02).
p = 2 =1 (A.2)
For the first 6 modes of each structure, a figure shows the modal floor response factors Dm
and AM defined such that the peak interstory drift ratios and floor accelerations in the
response of each mode can be determined as follows:
8 jm = mSAmDjm (eim = FmSAmAjm (A.3)
where 8 im average peak interstory drift ratio across floor j in response of mode m
0 cim average peak floor acceleration across floor j in response of mode m
]?mSAm total spectral acceleration of mode m
Note that when the maximum displacement in a mode shape is at the roof of the building,
the value of Am is not 1 for any floor. The total spectral acceleration is defined as follows:
mSAm = max F.i.(t)+ y a,(t) (A.4)
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m Tm Fmx Fmy gmp m Tm Fmx Tmy gmp
1 0.866 1.828 0.009 1.000 10 0.172 0.333 0.177 2.533
2 0.805 0.020 1.825 1.000 11 0.153 0.098 0.397 2.823
3 0.584 0.797 0.110 1.064 12 0.137 0.230 0.052 3.137
4 0.414 1.140 0.276 1.255 13 0.125 0.085 0.373 3.405
5 0.392 0.245 1.111 1.299 14 0.121 0.112 0.202 3.514
6 0.318 0.067 0.606 1.501 16 0.106 0.045 0.154 4.013
7 0.235 0.403 0.053 1.915 19 0.096 0.193 0.004 4.391
8 0.221 0.162 0.518 2.017 27 0.084 0.003 0.180 5.037
9 0.189 0.318 0.259 2.320 39 0.072 0.063 0.036 5.808
-- ----
m
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m3
m4
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m T. rmx rmy gmP m Tm 1 mx FmY m
1 0.591 1.697 0.549 1.000 19 0.104 0.213 0.016 2.764
2 0.527 0.578 1.958 1.000 20 0.102 0.013 0.179 2.835
3 0.391 0.714 0.665 1.062 30 0.089 0.086 0.059 3.195
4 0.240 0.889 0.425 1.374 31 0.085 0.097 0.137 3.350
5 0.220 0.257 0.824 1.463 33 0.082 0.047 0.039 3.476
6 0.179 0.284 0.239 1.715 34 0.080 0.029 0.072 3.555
7 0.145 0.496 0.140 2.055 37 0.074 0.023 0.007 3.856
8 0.141 0.075 0.572 2.108 44 0.067 0.014 0.012 4.237
9 0.114 0.002 0.109 2.539 48 0.060 0.000 0.006 4.664
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m Tm rm. Vmy gmP m Tm Fmx Fmy m
1 0.982 1.396 0.000 1.000 24 0.114 0.000 0.157 4.300
2 0.949 0.000 1.435 1.000 26 0.105 0.175 0.000 4.629
4 0.379 0.595 0.000 1.468 31 0.086 0.157 0.000 5.624
5 0.278 0.000 0.688 1.882 34 0.075 0.000 0.382 6.497
6 0.244 0.000 0.035 2.100 35 0.070 0.161 0.000 6.906
7 0.228 0.320 0.000 2.233 36 0.062 0.000 0.031 7.772
10 0.164 0.237 0.000 3.032 37 0.057 0.000 0.008 8.452
11 0.139 0.000 0.428 3.553 44 0.056 0.156 0.000 8.629
17 0.130 0.171 0.000 3.780 51 0.052 0.000 0.014 9.220
23 0.116 0.000 0.208 4.226 1__
m
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D7V
or
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m Tm rm ViY gmP gL m Tm 1 MX ViY gmP gmL
1 0.799 1.819 0.061 1.000 0.058 11 0.145 0.389 0.226 2.729 0.370
2 0.733 0.250 2.115 1.000 0.078 12 0.133 0.057 0.098 2.959 0.101
3 0.462 0.484 1.444 1.129 0.078 17 0.121 0.115 0.280 3.227 0.131
4 0.400 1.582 0.261 1.216 0.128 22 0.110 0.016 0.050 3.553 0.058
5 0.305 0.117 0.760 1.452 0.061 29 0.099 0.130 0.107 3.922 0.159
6 0.278 0.188 1.799 1.557 0.093 31 0.096 0.038 0.278 4.058 0.200
7 0.238 0.643 0.177 1.760 0.050 33 0.091 0.148 0.067 4.238 0.116
8 0.191 0.085 0.900 2.122 0.075 38 0.082 0.050 0.042 4.698 0.200
9 0.176 0.388 0.168 2.286 0.100 39 0.081 0.040 0.119 4.793 0.200
10 0.154 0.126 0.214 2.581 0.203 60 0.064 0.009 0.017 6.017 0.234
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M4/M4V
m Tm Emx Vmy gmP gmL m Tm mx my gm gmL
1 0.645 1.392 0.000 1.000 0.152 7 0.141 0.344 0.000 2.290 0.454
2 0.588 0.000 1.410 1.000 0.148 8 0.128 0.000 0.347 2.499 0.399
4 0.267 0.474 0.000 1.368 0.486 10 0.079 0.240 0.000 3.967 0.341
5 0.253 0.000 0.481 1.420 0.469 11 0.071 0.000 0.230 4.387 0.309
The local damping ratios listed above are applicable to M4V only.
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m T. rmx r., g m Tm r.X r. V
1 0.511 1.347 0.000 1.000 8 0.105 0.000 0.317 2.443
2 0.472 0.000 1.356 1.000 30 0.082 0.058 0.000 3.072
4 0.191 0.570 0.000 1.477 34 0.077 0.294 0.000 3.248
5 0.181 0.000 0.557 1.539 35 0.071 0.000 0.355 3.519
7 0.113 0.304 0.000 2.278 ,
m
W1
m2
-4
-5
-7
.8
1
Appendix A - Modal Properties of Benchmark Structures
M3
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m Tm Fmx Vmy 9mP m Tm Fmx Vimy m
1 0.515 0.807 1.591 1.000 6 0.188 0.076 0.170 1.523
2 0.489 1.385 0.668 1.000 7 0.118 0.372 0.022 2.249
3 0.355 0.436 0.687 1.060 8 0.105 0.022 0.449 2.499
4 0.239 0.627 0.258 1.288 9 0.086 0.026 0.180 2.993
5 0.232 0.239 0.735 1.314 1__
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B3
The modal properties below are applicable to B3 only. Different properties apply to B3LS
(low stiffness), B3HS (high stiffness) and B3AS (adapted stiffness).
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m Tm Tmx Vmy gmP m Tm Fmx Tmy m
1 0.393 0.290 1.592 1.000 8 0.090 0.182 0.048 2.200
2 0.360 1.424 0.210 1.000 24 0.075 0.027 0.010 2.598
3 0.251 0.034 0.603 1.081 26 0.075 0.007 0.005 2.615
4 0.164 0.000 0.639 1.362 32 0.066 0.002 0.002 2.919
5 0.147 0.473 0.023 1.473 35 0.061 0.008 0.017 3.143
6 0.123 0.016 0.093 1.693 36 0.059 0.007 0.008 3.243
7 0.098 0.037 0.331 2.041 1 1
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D3/D3V
m Tm mx my gP gmL m Tm Fmx V y P gmL
1 0.640 1.548 0.266 1.000 0.108 6 0.158 0.296 0.463 1.683 0.164
2 0.390 0.349 1.633 1.000 0.070 7 0.148 0.066 0.274 1.783 0.151
3 0.316 0.789 0.514 1.074 0.191 8 0.096 0.042 0.237 2.619 0.193
4 0.269 0.523 0.822 1.161 0.127 11 0.086 0.011 0.149 2.911 0.052
5 0.168 0.268 0.344 1.608 0.171 1
The local damping ratios listed above are applicable to D3V only. Each value is doubled in
D3HV (high viscous damping).
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M6Y
m Tm Fm m
1 0.866 1.521 1.000
2 0.379 0.755 1.000
3 0.228 0.342 1.339
4 0.160 0.265 1.776
6 0.134 0.154 2.079
10 0.102 0.175 2.671
m T. Fm m
1 0.805 1.635 1.000
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3 0.214 0.434 1.414
4 0.160 0.333 1.783
5 0.112 0.224 2.441
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B5X B5Y
m Tm m m
1 0.591 1.510 1.000
2 0.231 0.730 1.000
3 0.133 0.269 1.409
8 0.103 0.128 1.741
10 0.090 0.082 1.962
11 0.064 0.004 2.667
m Tm Im m
1 0.527 1.552 1.000
2 0.217 0.805 1.000
5 0.128 0.213 1.373
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D9X
m Tm Fm me
1 0.982 1.401 1.000
2 0.379 0.608 1.000
3 0.229 0.317 1.361
4 0.165 0.258 1.781
7 0.129 0.202 2.210
10 0.104 0.180 2.708
12 0.084 0.157 3.303
13 0.068 0.164 4.056
18 0.054 0.160 5.091
D9Y I
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3 0.275 0.671 1.158
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D7VX D7VY
m Tm Fm gmP gmL
1 0.799 1.620 1.000 0.058
2 0.365 0.954 1.000 0.101
3 0.227 0.522 1.299 0.086
4 0.167 0.343 1.643 0.057
5 0.134 0.244 1.980 0.065
9 0.108 0.192 2.405 0.153
13 0.085 0.174 3.029 0.527
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m Tm Fm m gmL
1 0.733 1.512 1.000 0.078
2 0.251 0.805 1.000 0.079
5 0.139 0.368 1.486 0.093
7 0.089 0.242 2.190 0.075
10 0.074 0.111 2.595 0.076
13 0.059 0.015 3.228 0.063
15 0.050 0.007 3.777 0.095
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M4Y/
M4VY
m Tm Fm g2 gmL
1 0.645 1.361 1.000 0.152
2 0.250 0.454 1.000 0.491
3 0.135 0.343 1.484 0.488
8 0.075 0.253 2.484 0.362
m Tm Fm gE gmL
1 0.588 1.410 1.000 0.148
2 0.253 0.481 1.000 0.471
3 0.128 0.347 1.531 0.399
4 0.071 0.230 2.575 0.309
The local damping ratios listed above are applicable to M4VX and M4VY only.
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B4X B4Y
m Tm Fm gmP
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M3Y
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B3X B3Y
m Tm Fm 9mP
1 0.360 1.325 1.000
2 0.151 0.383 1.000
6 0.097 0.178 1.285
9 0.082 0.018 1.460
m Tm Fm m
1 0.393 1.347 1.000
2 0.171 0.406 1.000
7 0.106 0.201 1.307
8 0.085 0.009 1.553
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D3Y/
D3VY
m Tm Fm gm' gmL
1 0.640 1.472 1.000 0.108
2 0.316 0.522 1.000 0.324
3 0.175 0.356 1.390 0.222
m Tm rm gm gmL
1 0.390 1.261 1.000 0.070
2 0.154 0.403 1.000 0.180
5 0.095 0.172 1.338 0.147
7 0.085 0.034 1.447 0.073
The local damping ratios listed above are applicable to D3VX and D3VY only.
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Appendix B
Ground Motion Properties
Details of the ground motion records used for damage assessment throughout this
dissertation are provided below. All records were obtained from the ground motion database
made available by the Pacific Earthquake Engineering Research Center.
The primary set of 16 records was selected from 4 major earthquakes.
Table B.1 - Earthquake properties
San
Fernando
Whittier
Narrows Loma Prieta Northridge
Local Date 2/9/1971 10/1/1987 10/17/1989 1/17/1994
Local Time 6:04 AM PST 7:42 AM PDT 5:05 PM PDT 4:31 AM PST
Moment Magnitude 6.61 5.99 6.93 6.69
Seismic Moment (N.m) 9.23 1018 1.08 1018 2.79 1019 1.22 1019
Sierra Madre- Puente Hills San Andreas- Northridge
Fault Name San Fernando Blind Thrust Santa Cruz Blind Thrust
Fault Slip Rate (mm.yearl) 2.0 0.7 17.0 1.5
Rupture Length (kIn) 16.0 10.0 40.0 18.0
Rupture Width (km) 27.4 6.0 18.0 24.0
Average Fault Displ. (cm) 58.8 50.5 108.1 78.6
Hypocenter Depth (km) 13.0 14.6 17.5 17.5
Hypocenter Latitude 34.4400 34.0493 37.0407 34.2057
Hypocenter Longitude -118.410 -118.081 -121.883 -118.554
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The recording locations for the primary set of 16 ground motion records are shown below
on satellite images of the Los Angeles (left) and San Francisco Bay (right) areas. The label for
each station aggregates two letters corresponding to the earthquake and the distance, in
kilometers, to the epicenter of the earthquake. Additional information on the recording
stations is provided next page.
Figure B.1 - Recording station locations (adapted from Google Maps)
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Table B.2 - List of recording stations
Recorded Record Recording Station Epicentral
Event Label Name Code Latitude Distance (km)
_________ ______ ______________ 
______Longitude Dsac kn
SF20 Lake Hughes USGS 34.5710 20.04Station #12 128 -118.560
San Fernando SF32 Santa Felicia Dam 25MG 34.4753 31.55
1971 SF39 Los Angeles CDMG 34.0900 39.49
Hollywood Store FF 24303 -118.339
SF46 Santa Anita Dam FC 34.18018 45.86
WN14 Altadena CDMG 34.1770 14.28Eaton Canyon 24402 -118.096
Whittier WN16 Downey CDMG 33.9240 16.04
Narrows Co Maint Bldg 14368 -118.167
1987 WN21 Los Angeles USC 33.9760198_W21 W 70thSt 90023 -118.289 20.85
WN35 Long Beach CDMG 33.7540 34.65Harbor Admin FF 14395 -118.200
CDMG 36.9730
LP10 Capitola 47125 -121.953 9.78
LP40 San Jose CDMG 37.3970 40.12
Loma Prieta Agnews State Hospital 57066 -121.952
1989 LP48 Hollister CDMG 36.8480 48.24
South & Pine 47524 -121.397
LP98 Berkeley CDMG 37.8760Lawrence Berkeley Lab. 58471 -122.249
N013 Beverly Hills USC 34.1320 13.3914145 Mulholland Dr 90013 -118.439
N017 Los Angeles USC 34.0890 16.99
Northridge N Faring Rd 90016 -118.435
1994 N025 Los Angeles USC 34.0010 25.44
Centinela St 90054 -118.431
N032 Los Angeles CDMG 34.0430 31.73Pico & Sentous 24612 -118.271
In the following, ground acceleration time histories and response spectra are provided for
both horizontal components of the primary set of 16 ground motion records. All
acceleration time histories and response spectra are scaled to unit peak ground acceleration
values.
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SF20
Event San Fernando 1971
Station Lake Hughes Station #12
E icentral Distance 20.04 km
Hypocentral Distance 23.89 km
Joyner-Boore Distance 14.00 km
Campbell R Distance 19.30 km
21- 291* Eff.
Peak Ground Acc. 0.37 g 0.28 g 0.39 g
Spectral Acceleration (k=5%, Normalized)
10
10-1
10-2.
10-1 1
Period (s)
Orientation (deg) w3 w273
Ground Acceleration (Normalized)
1.0
0.5
0
-0.5.
-1.0.
C 2 4
SF32
Event San Fernando 1971
Station Santa Felicia Dam
E icentral Distance 31.55 km
Hyocentral Distance 34.13 km
Joyner-Boore Distance 24.70 km
Campbell R Distance 24.87 km
172* 1262* 1 Eff.
Peak Ground Acc. 0.15 g 0.15 g 0.18 g
Spectral Acceleration (k=5%, Normalized)
10
10-1
10-2.
10-1 1
Period (s)
10
Orientation (deg) .172 .262
Ground Acceleration (Normalized)
6 8
Time (s)
10 12
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SF39
Event San Fernando 1971
Station LA - Hollywood Store FF
E icentral Distance 39.49 km
Hypocentral Distance 41.57 km
Joyner-Boore Distance 22.80 km
Campbell R Distance 25.89 km
90* 180' Eff.
Peak Ground Acc. 0.21 g 0.17 g 0.24 g
Spectral Acceleration (k=5%, Normalized)
10
1
10-1
10-2
10-1 1
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Orientation (deg) w90 w180
Ground Acceleration (Normalized)
1.0
0.5
0
-0.5
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0 2 4
SF46
Event San Fernando 1971
Station Santa Anita Dam
E icentral Distance 45.86 km
Hypocentral Distance 47.67 km
Joyner-Boore Distance 30.70 km
Campbell R Distance 31.41 km
3 273 ' Eff.
Peak Ground Acc. 0.15 g 0.21 g 0.22 g
Spectral Acceleration ((=5%, Normalized)
10.
1
10-1
10-2
10-1 101
Period (s)
Orientation (deg) m3 m273
Ground Acceleration (Normalized)
1.0.
0.5
0.
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-1.0.
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WN14
Event Whittier Narrows 1987
Station Altadena - Eaton Canyon
Epicentral Distance 14.28 km
Hypocentral Distance 20.42 km
Joyner-Boore Distance 8.72 km
Campbell R Distance 19.52 km
0, 190- 1Eff.
Peak Ground Acc. 0.30 g 0.15 g 0.30 g
Spectral Acceleration (k=5%, Normalized)
10
1
10-1
10-2
10-1 1
Period (s)
Orientation (deg) .0 .90
Ground Acceleration (Normalized)
1.0
U.5 D1
014
-0.5-
0 4
WN16
Event Whittier Narrows 1987
Station Downey - Co Maint Bld
Epicentral Distance 16.04 km
Hypocentral Distance 21.69 km
Joyner-Boore Distance 15.00 km
Cam bell R Distance 20.82 km
180- 1270- 1Eff.
Peak Ground Acc. 0.22 g 0.14 g 0.25 g
Spectral Acceleration ( =5%, Normalized)
10;
1
10-1
10-2
10-1 1
Period (s)
Orientation (deg) .180 .2701
Ground Acceleration (Normalized)
1.04 -
0.5.
0.
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-1.0.
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WN21
Event Whittier Narrows 1987
Station LA - W 70th St
Epicentral Distance 20.85 km
Hypocentral Distance 25.45 km
Joyner-Boore Distance 16.8 km
Campbell R Distance 22.17 km
0* 1270- 1Eff.
Peak Ground Acc. 0.20 g 0.15 g 0.20 g
Spectral Acceleration ( =5%, Normalized)
10
1*
10-2
10-1 101
Period (s)
Orientation (deg) .0 m270
Ground Acceleration (Normalized)
1.0
0.5
0
-0.5
-1.0
0 2 4
WN35
Event Whittier Narrows 1987
Station Long Beach - Harbor Admin FF
Epicentral Distance 34.65 km
Hypocentral Distance 37.60 km
Joyner-Boore Distance 34.10 km
Campbell R Distance 37.05 km
0* 90, Eff.
Peak Ground Acc. 0.06 g 0.07 g 0.07 g
Spectral Acceleration ( =5%, Normalized)
10:
1
10-1
10-2.
10-1 1
Period (s)
Orientation (deg) .0 .90
Ground Acceleration (Normalized)
1.0
0.5
0
-0.5
-1.0
0 2 4
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6 8
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LP10
Event Loma Prieta 1989
Station Capitola
Epicentral Distance 9.78 km
Hypocentral Distance 20.03 km
Joyner-Boore Distance 8.65 km
Campbell R Distance 15.23 km
0, 190. 1Eff.
Peak Ground Acc. 0.53 g 0.44 g 0.58 g
Spectral Acceleration (k=5%, Normalized)
10
1
10-1
10-2
10-1 101
Period (s)
Orientation (deg) mO w90
Ground Acceleration (Normalized)
4 6 8
Time (s)
10 12
LP40|Event Loma Prieta 1989
Station San Jose - Agnews State Hospital
Epicentral Distance 40.12 km
Hypocentral Distance 43.76 km
Joyner-Boore Distance 24.30 km
Campbell R Distance 24.57 km
0* 190' 1Eff.
Peak Ground Acc. 0.17 g 10.16g 0.18g
Spectral Acceleration ((=5%, Normalized)
10
10-1
10-2
10-1 1
Period (s)
Orientation (deg) mO m90
Ground Acceleration (Normalized)
1.04!
0.5.
0.
-0.5
-1.0
0 2 4
1.0
0.5
0
-0.5
-1.0
~ >
0 2 14 16
10
A A ....- - -
6 8
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LP48
Event Loma Prieta 1989
Station Hollister - South & Pine
Epicentral Distance 48.24 km
Hypocentral Distance 51.31 km
Joyner-Boore Distance 27.70 km
Campbell R Distance 27.93 km
0* 190* 1Eff
Peak Ground Acc. 0.37 g 0.18 g 0.37 g
Spectral Acceleration (k=5%, Normalized)
10
1
10-1
10-2
10-1 1
Period (s)
Orientation (deg) .0 .90
Ground Acceleration (Normalized)
1.0
0.5.
0.
-0.5.
-1.0.
0 2 4
LP98
Event Loma Prieta 1989
Station Berkeley - L. Berkeley Laboratory
E icentral Distance 98.41 km
Hypocentral Distance 99.95 km
Joyner-Boore Distance 79.20 km
Campbell R Distance 79.25 km
01 190* IEff.
Peak Ground Acc. 0.06 g 0.12 g 0.12 g
Spectral Acceleration ((=5%, Normalized)
10
101
10-2
10-1 1
Period (s)
Orientation (deg) .0 .90
Ground Acceleration (Normalized)
1.0
0.5
0.
-0.5-
-1.0.
0 2 4 6 8
Time (s)
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N013
Event Northridge 1994
Station Beverl Hills - 14145 Mulholland
Epicentral Distance 13.39 km
Hypocentral Distance 22.03 km
Joyner-Boore Distance 9.44 km
Campbell R Distance 17.15 km
9* 1279- Eff.
Peak Ground Acc. 0.42 g 0.52 g 0.52 g
Spectral Acceleration (k=5%, Normalized)
10
1
10~1
10-2
10-1 1
Period (s)
Orientation (deg) w9 w279
Ground Acceleration (Normalized)
1.01
0.5.
0-
-0.5.
-1.0
0 2 4
N017
Event Northridge 1994
Station LA - N Faring Rd
Enicentral Distance 16.99 km
Hypocentral Distance 24.39 km
Joyner-Boore Distance 12.40 km
Campbell R Distance 20.81 km
0* 190- 1Eff.
Peak Ground Acc. 0.27 g 0.24 g 0.31 g
Spectral Acceleration ( =5%, Normalized)
1
10-1
10-2
10-1 1
Period (s)
Orientation (deg) .0 w90
Ground Acceleration (Normalized)
1.0
0.5
0.
-0.5-
0 2 4
10
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N025
Event Northridge 1994
Station LA - Centinela St
Epicentral Distance 25.44 km
Hypocentral Distance 30.88 km
Joyner-Boore Distance 20.40 km
Campbell R Distance 28.30 km
155- 1245* 1 Eff.
Peak Ground Acc. 0.47 g 0.32 g 0.47 g
Spectral Acceleration (k=5%, Normalized)
10
10-1
10-2.
10-1 1
Period (s)
Orientation (deg) m155 m245
Ground Acceleration (Normalized)
1.0
0.5
0
-0.5
-1.0
0 2 4 6 8
Time (s)
10 12 14
N032
Event Northridge 1994
Station LA - Pico & Sentous
E icentral Distance 31.73 km
Hypocentral Distance 36.24 km
Joyner-Boore Distance 27.80 km
Campbell R Distance 31.33 km
90 180* Eff.
Peak Ground Acc. 0.10 g 0.19 g 0.20 g
Spectral Acceleration (k=5%, Normalized)
13.!, f7-7 4 !7-7t- !:j-f
10,t ..
10
10-1 1
Period (s)
Orientation (deg) w90 w180
Ground Acceleration (Normalized)
1.0
0.5
0
-0.5
-1.0
0 2 4
10
- 6- --
16
10
6
------------~~4 .. . . .. . . .. . . . -- - -. ... .
8
Time (s)
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The following tables provide a list of the 121 ground motion records considered in section
2.3.3 and 2.3.4 of this dissertation. The records also included in the primary set of 16 records
are highlighted. All records listed in a table correspond to the same earthquake. The name,
year and moment magnitude of the earthquake are specified in the header of each table.
Borrego Mountain
1968 (6.6)
NGA ID D (kin) PGA (g)
40 133.4 0.05
37 226.8 0.02
San Fernando 1971 (6.6)
NGA ID D (kin) PGA (g)
71 20.0 0.39
88 31.6 0.18
68 39.5 0.24
87 45.9 0.22
Point Mugu 1973 (5.7)
NGA ID D (km) PGA (g)
97 18.1 0.11
Coyote Lake 1979 (5.7)
NGA ID D (kin) PGA (g)
150 4.4 0.48
145 8.0 0.28
147 10.9 0.34
146 12.6 0.14
154 23.2 0.11
Imperial Valley 1979 (6.5)
NGA ID D (km) PGA (g)
165 18.9 0.29
167 22.4 0.21
175 32.0 0.15
169 33.7 0.35
172 35.2 0.16
176 36.0 0.14
191 43.9 0.17
192 52.8 0.11
188 54.3 0.06
163 57.1 0.14
186 68.9 0.11
166 83.9 0.16
Livermore 1980 (5.8)
NGA ID D (km) PGA (g)
215 16.7 0.06
214 17.1 0.16
216 56.1 0.07
Westmoreland 1981 (5.9)
NGA ID D (km) PGA (g)
319 7.9 0.50
317 8.6 0.22
314 15.7 0.20
315 18.5 0.18
316 20.5 0.26
318 25.0 0.13
Coalinga 1983 (6.4)
NGA ID D (kin) PGA (g)
368 10.0 0.60
322 30.1 0.34
338 38.5 0.29
351 40.5 0.10
352 49.5 0.14
334 52.9 0.19
326 55.7 0.12
331 59.7 0.16
333 62.7 0.10
Morgan Hill 1984 (6.2)
NGA ID D (km) PGA (g)
456 38.1 0.21
460 38.2 0.19
457 38.2 0.26
449 43.6 0.14
470 51.5 0.05
Chalfant 1986 (5.8)
NGA ID D (kn) PGA (g)
547 10.5 0.31
545 17.2 0.09
544 24.5 0.13
546 26.1 0.05
543 27.0 0.06
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Palm Springs 1986 (6.1)
NGA ID D (ki) PGA (g)
535 41.8 0.07
522 46.3 0.12
Superstition Hills 1987
(6.5)
NGA ID D (km) PGA (g)
728 19.5 0.25
729 29.4 0.21
721 35.8 0.36
Whittier Narrows 1987
(6.0)
NGA ID D (km) PGA (g)
589 6.8 0.44
677 10.7 0.29
590 14.3 0.30
614 15.3 0.35
615 16.0 0.25
611 19.8 0.38
642 20.9 0.20
620 21.7 0.30
600 22.7 0.32
635 24.2 0.22
608 27.9 0.15
630 30.9 0.07
596 31.1 0.15
607 31.7 0.06
644 34.7 0.07
701 39.0 0.05
667 43.9 0.18
Loma Prieta 1989 (6.9)
NGA ID D (km) PGA (g)
752 9.8 0.58
811 12.6 0.68
739 26.6 0.27
754 30.9 0.19
767 31.4 0.56
768 32.4 0.42
772 36.3 0.15
770 39.9 0.34
737 40.1 0.18
806 42.1 0.22
778 45.1 0.30
800 46.4 0.12
776 48.2 0.37
787 51.2 0.28
761 55.2 0.21
733 70.8 0.18
750 98.4 0.12
Cape Mendocino 1992
(7.0)
NGA ID D (km) PGA (g)
828 4.5 0.71
825 10.4 1.75
829 22.6 0.55
827 29.6 0.13
830 36.3 0.24
826 53.3 0.19
Landers 1992 (7.3)
NGA ID D (km) PGA (g)
850 27.3 0.19
879 44.0 0.80
832 75.2 0.15
Northridge 1994 (6.7)
NGA ID D (km) PGA (g)
959 4.9 0.43
953 13.4 0.52
996 17.0 0.31
995 23.6 0.43
987 25.4 0.47
1016 27.8 0.19
985 28.2 0.26
974 29.7 0.36
993 30.3 0.28
1000 31.7 0.20
1026 39.3 0.15
951 45.3 0.10
964 47.5 0.15
968 47.5 0.24
1028 51.9 0.10
1019 53.3 0.09
1053 56.8 0.08
1094 57.6 0.07
1024 58.0 0.14
1088 58.5 0.19
966 60.3 0.10
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Appendix C
Software Environment for Damage Assessment
The damage assessment procedure was fully automated to support the work presented in
this dissertation. Automation enforces consistency throughout the study of the procedure
and is necessary for its application to optimization. A software environment was developed
in Java, and Figure C.1 is high-level representation of some of its components set up to
perform a seismic damage assessment. The components are described in the following.
Modeler Model Structure
Structural Procedure to turn Finite element Physical description
Modeling physical components representation of of building
into finite elements building
------------------------------------------------------- 
------------------------------ I
ElementaryDriver Analysis Ground Motion
Elementary response Elementary response Acceleration records
analysis procedure analysis in orthogonal
directions
Elementary
Response
Analysis
ParameterSet Recorder Incremental Problem
Structural response Elementary response List of ground motion
parameters to analysis results records and
observe intensities
Buffer Incremental Driver
Incremental Incremental response Incremental response
Response analysis results analysis procedure
Analysis
Hazard Damage Estimate Damage Model
Damage Earthquake hazard Damage calculation Damage calculation
Assessment function results procedure and
fragility data
Figure C.1 - Software environment for damage assessment
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The system is described as the aggregation of 4 main functionalities. The structural modeling
and elementary response analysis functionalities correspond to the typical commercial
software used for structural analysis. The incremental response analysis and damage
assessment functionalities are specific to the estimation of lifetime seismic damage.
Structural Modeling
Structures are modeled in OpenSees, the open source finite element program developed at
the Pacific Earthquake Engineering Research center. OpenSees has a rich library of finite
elements, described by Mazzoni et al. (2007). Only a fraction of the software's modeling
capabilities is used in this research limited to steel building frames. Yet, the integration of
OpenSees allows for future studies on damage assessment for a variety of structural systems
and the design of these systems for optimal seismic performance.
In Figure C.1 above, the Structure is a description of the physical entity to be modeled. The
Model is a series of OpenSees commands that set up a finite element representation of the
structure when applied to an instance of OpenSees. The commands are generated by the
Modeler, which is programmed to represent structures as finite elements in a specific and
systematic manner.
A difference with traditional structural analysis software is that the analyst does not define
the finite elements directly. Instead, the analyst provides a physical description of the
structure (e.g. beams with bolted connections) and a set of rules to turn it into a finite
element model (e.g. frame element with rotational degrees of freedom released). This
facilitates the comparison of different structures by modeling them consistently and the
study of different models for the same structure.
Elementary Response Analysis
An elementary response analysis estimates the response of a structure to an earthquake. Of
the several analysis methods considered in this dissertation (Chapter 3), only the linear and
nonlinear direct integrations are fully performed in OpenSees. For the other analysis
methods - mode superposition and spectral combination - the modes of the structure and
their response to ground motion are retrieved from OpenSees and then combined in
programs developed specifically.
The Analysis is a wrapper for an instance of OpenSees containing a finite element model on
which direct integrations or modal analyses are performed. The Elementary Driver defines
the procedure for a particular type of elementary response analysis. The driver sets up and
triggers the OpenSees analysis solver and processes the results for the analyses based on the
modes of the structure. Inspired by OpenSees, Recorders are used to store the results of an
elementary analysis. The structural response parameters to be recorded are defined in a
Parameter Set.
The use of drivers and parameter sets to respectively control analyses and recorders
facilitates the consistent analysis of different structures. Drivers and parameter sets are
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generic, and they automatically adapt to the structure being analyzed. A parameter set also
ensures that equivalent quantities are being recorded when fundamentally different analysis
methods are used.
Incremental Response Analysis
The incremental analysis is the process of repeating an elementary analysis for different
ground motion records and for different intensities when the analysis is nonlinear.
The records and intensities considered make up the Incremental Problem. The Ground
Motion can apply the current record at the current intensity to the model of the structure in
different ways depending on the elementary analysis being performed. The Incremental
Driver controls the sequence of elementary analyses by selecting the current record and
intensity and signaling the Buffer to collect the analysis results. After processing, the results
relevant to damage assessment are stored in the buffer until the incremental analysis is
complete.
The incremental response analysis functionality can be adapted to existing structural
engineering software, which could then be used for the modeling and elementary analysis
tasks.
Damage Assessment
The Damage Model specifies the procedure to turn the structural response results buffered
during the incremental analysis into an estimate of damage. Values for the parameters of the
procedure are also specified. A separate Hazard entity provides the hazard functions. The
damage model, hazard information and buffered structural responses are combined in the
Damage Estimate, where damage and damage density functions are assembled and
integrated.
The software environment was developed with the dual objective of research and
applications. It is first flexible for research on seismic damage assessment, with a hierarchy
of classes that allows customization of many low-level tasks. This feature was used to vary
the modeling, analysis and damage calculation steps in the studies of this dissertation. Care
was also taken to ensure that implementations of the damage assessment procedure could be
used for practical applications. The damage assessment system scales to large structures, and
efforts were made to implement the computational steps efficiently and allow repetition of
the procedure when applied to optimization.
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Damage Assessment Results
A set of damage assessments produced in the course of this research is provided in the
following. Each value is the annual damage for a full building, expressed as a loss per million
of replacement value. Results are organized in tables. Each row corresponds to a structure,
whose description can involve the parameters listed in Table D.1. Each column corresponds
to an analysis method or a nonlinear model. Methods and models are specified using the
parameters listed in Table D.2. Default values applicable when a parameter is not specified
are given below. The standard damage model (section 2.2.2 p. 26) was used for all damage
assessments presented in this appendix.
Table D.1 - Structural properties
Parameter Description and default values
T first mode period (s) (default is period of benchmark structure)
damping (always indicated)
e.g. ( = 2% 2% proportional damping
I e.g. 9 = 2+15% 2% proportional damping and 15% local damping
FK factor applied to the stiffness of all steel members (default is 1.0)
Table D.2 - Analysis and nonlinear parameters (definitions and
details are in provided in section 4.1.3 p.120)
Parameter Values Description and default values
All all components are nonlinear (default)
Frame the columns, beams and braces are nonlinear
Col. only the columns are nonlinear
Elem. Beams only the beams are nonlinear
Braces only the braces are nonlinear
Dampers only the dampers are nonlinear
Elast. elastic yield capacity is used for bending members (default)
Cy Plast. plastic yield capacity is used for bending members
Braces fail? No braces do not fail at ultimate capacity (default)Yes braces fail at ultimate capacity and are removed from the model
No dampers maintain a force equal to capacity (default)
Dampers fail? Yes dampers fail at capacity and are removed from the model
Fy 0.5 to 2.0 a factor Fy is applied to all yield capacities (default is 1.0)
R 0.1% to 100% the post-yield stiffness ratio is R in all members (default is 5%)
MS mode superposition
Analysis LDI linear direct integration
NDI nonlinear direct integration, with all default nonlinear parameters
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Three-Dimensional Models
R
Fy
(%)
MS
MS
1
5
M6 = 2.5% 3209 2816M = 10% 1440 1389
B5 = 2.5% 2702 23825 =10% 1237 1145
D9 = 2.5% 2772 2529
D = 10% 1305 1223
= 2% 2748 2370
S=5% 1664 1556
M3 =10% 1127 1101
= 15% 919 909
= 20% 805 801
Elem.
Fy
R (%/)
MS
MS
MS
All
1
5
Fy
R (%)
MS 1
MS 5
10
50
S=2% 2437 2186
S=5% 1409 1334
B3 ( = 10% 978 943
= 15% 823 798
= 20% 748 728
B3LS (=2% 3145 2080
B3HS =2% 1962 1954
B3AS =2% 2154 2006
S=2% 2576 2233 2194
S=5% 1667 1576
D3 =10% 1208 1167
= 15% 993 965
= 20% 868 847
Col. Beams All All All All
1 1 0.5 1 1 1
5 5 5 0.1 10 50
M4 = 2% 3321 2878 2884 3168 2582 2931 2855 2892
Elem. MS All Braces All All
Fy MS 1 1 0.5 1
Braces fail? MS No No No Yes
B4 = 2% 2669 2460 2458 2077 3529
= 10% 1135 1086
Elem. LDI MS All Frame Dampers All All
Fy LDI MS 1 1 1 0.5 1
R(%) LDI MS 5 5 5 10 5
Dampers fail? LDI MS No No No No Yes
D7V E = 2+6% 1505 1439 1441
M4V (=2+15% 1130 943 1166 1086 1203 1404
D3V =2+10% 1223 1085 1211 1174 1257 1119
D3HV =2+21% 1019 821 998
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Two-Dimensional Models
M6
Elem.
Cy
R (%)
MS
MS
MS
All Col. All All All All
Elast. Elast. Plast. Elast. Elast. Elast.
5 5 5 0.1 10 50
= 2% 4081 3022
= 2.5% 3645 2747 2751 2872 2816 2753 3013
M6X ( = 5% 2405 1926
= 10% 1459 1253 1254
20% 864 793
30% 653 621 622
= 2% 3227 2543
= 2.5% 2851 2328 2332 2397 2382 2312 2406
M6Y ( = 5% 1900 1687
= 10% 1231 1155 1158
= 20% 772 749
= 30% 604 593 594
B5
Elem. MS All Braces All All All All
R(%/a) MS 5 5 5 0.1 10 50
Braces fail? MS No No Yes No No No
2% 3033 2378 2395 2495
= 2.5% 2710 2165 2172 3265 2180 2171
B5X ( = 5% 1862 1557 21320= 1 % 1257 1084 1086 1303 1138
20% 865 767 847
30% 714 647 647 683 657
= 2% 3641 3202 3210 3247
= 2.5% 3265 2883 2885 3422 2889 9318
BY = 5% 2227 1976 2296
10% 1440 1291 1292 1420 1344
= 20% 933 862 901
= 30% 752 710 710 721 716
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D9
Elem.
Cy
R (%)
Braces fail?
MS
MS
MS
MS
All
Elast.
5
No
Col.
Elast.
5
No
All
Plast.
5
No
Braces
Elast.
5
No
All
Elast.
5
Yes
All
Elast.
0.1
No
All
Elast.
10
No
S=2.5% 2810 2439 2440 2515 2475 2442
= 5% 1939 1739
D9X =10% 1199 1117 1117
= 20% 703 683
= 30% 531 524 524
= 2.5% 2567 2481 2481 2557 2481 2486
S=5% 1821 1762 1802
D9Y =10% 1215 1181 1181 1187
= 20% 754 741 741
= 30% 584 579 579 578
Cy LDI
R (%) LDI
MS
MS
Elast Plast. Elast. Elast.
5 5 0.1 10
D7VX =2+6% 1232 1230 1140 1161 1158 1139
D7VY ( = 2+8% 1294 1204 1351 1356 1349
Elem.
Braces fail?
Dampers fail?
LDI
LDI
LDI
Frame
No
No
Col.
No
No
Braces Dampers All All All
No No Yes No Yes
No No No Yes Yes
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T = 0.61 s 3148 3161
T = 0.67 s 3827 3782
T = 0.79 s 2939 2647
D9Y T = 0.85 s 3094 2483
T = 0.98 s 2449 1774
T = 1.10 s 2973 2976
T = 1.29 s 2714 2715
D7V
D7VX 2+6% 1232 1133 1133 1270 1233
D7VY 2+8% 1 1294 1288 1288 1368 1475 1564 1754
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M4
Cy MS Elast. Plast. Elast. Elast. Elast. Elast. Elast. Elast. Elast. Elast.
Fy MS 1 1 0.5 0.5 0.5 0.5 2 2 2 2
R (%) MS 5 5 0.1 1 5 10 0.1 1 5 10
= 2% 3129 2689 2766 2419 2244 2216 3004 3003 3005
= 5%/o 1893 1766 1793 1587 1871
M4X = 10% 1262 1226 1236 1138 1262
= 20% 829 823 826 784 831
= 30/o 667 665 667 643 668
= 2/o 3595 3021 3101 2862 2790 2668 2606 3366 3363 3352 3344
= 5% 2159 2050 2073 1941 1898 2123
M4Y ( = 10% 1407 1415 1419 1385 1363 1414
= 20% 904 914 915 906 898 907
z= 300/o 715 720 720 715 712 716
Elem.
Cy
R (%)
All All All All
Elast. Elast. Elast. Elast.
0.1 1 10 20
All
Elast.
33
All Beams Col. All
Elast. Elast. Elast. Plast.
50 5 5 10
M4X ( = 2% 2724 2709 2686 2688 2716 2779 2900 2722 27660= 1 % 1245 1239 1221 1219 1220 1226
M4Y ( = 2% 3091 3068 2996 2982 2992 3064 3451 3024 3082
= 10% 1 1430 1426 1405 1395 1387 1384
Fy
R (%)
FK =0.25 =2%
FK = 0.25 ( = 10%
FK =0.5 =2%
FK = 05 =10%
FK =0.75 =2%
FK = 0.75 ( = 10%
FK = 1 =2%
FK = 1 =10%
M4Y FK =1.2 5 =2%
FK =1.2 5 =10%
FK = 1.5 =2%
FK = 1.5 =10%
FK =1.75  =22%
FK =1.75 =10%
FK= 2 =2%
FK= 2 =10%
MS
MS
5192
2270
3913
1605
3930
1495
3595
1407
3495
1393
3157
1278
2605
1164
2499
1081
FK
5
4321
2330
3299
1647
3188
1484
3021
1415
3049
1379
2965
1288
2492
1178
2425
1094
FK 1
5/FK 5/FK
4207 4843
3227 3469
3164 3325
3021 3021
3052 2935
2973 2829
2501 2397
2430 2323
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M4V
Elem.
R (%)
Dampers fail?
LDI
LDI
LDI
MS
MS
MS
All Frame Dampers All All All
5 5 5 5 0.1 10
No No No Yes No No
M4VX = 2+15+% 915 829 977 876 1024 1367 986 976
M4VY = 2+15-% 11045 871 1157 1010 1192 1577 1162 1157
F Analysis LDI MS NDI Analysis LDI MS NDI
= 2+0.5% 2543 2542 2294 = 2+0.5% 3001 3004 2647
S=2+3% 1639 1619 1645 =2+3% 1913 1877 1925
S=2+5% 1377 1338 1427 =2+5% 1571 1509 1658
(=2+10% 1080 1010 1144 =2+10% 1212 1070 1323
M4VX =2+15% 920 835 983 M4VY =2+15% 1041 866 1153S=2+20% 818 724 875 =2+20% 930 746 1041
= 2+25% 746 648 795 = 2+25% 854 669 960
= 2+30% 694 595 736 = 2+30% 798 616 893
S=2+40% 630 531 656 =2+40% 715 551 787
S=2+50% 593 497 608 =2+50% 662 517 715
B4
Fy MS 1 1 0.5 0.5 0.5 0.5 2 2 2 2
R (o) MS 5 5 0.1 1 5 10 0.1 1 5 10
Braces fail? MS No Yes No No No No No No No No
= 20/a 3057 2717 3841 2323 2195 2179 3031 3008 2999
= 50/ 1773 1640 2104 1414 1757
B4X ( = 10% 1127 1082 1259 978 1125
= 20/o 797 777 817 719 796
= 300/a 682 673 683 635 682
= 20/a 2955 2668 3729 2302 2246 2189 2183 2945 2940 2931 2924
= 50/a 1906 1763 2254 1496 1495 1900
B4Y =10% 1265 1198 1420 1041 1043 1264
= 200/a 849 825 879 749 745 848
= 300/a 709 697 707 652 649 709
.1
I R (%) |
B4X =2%
B =10%
0.1 1 10
2780 2761
1088 1085
2698
1083
20 33 50
2702 2724 2760
1091 1100 1107
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= 2% 2712 2692 2659 2647 2658 2711
= 10% 1 1216 1211 1198 1204 1212 1224
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Elem. All All All All Braces Braces
R (o) 0.1 10 33 100 5 100
Braces fail? Yes Yes Yes Yes Yes Yes
B4X ( = 2% 3903 3850 3762 3747 4054 3878
B4Y ( = 2% 3769 3680 3608 3678 3855 3742
Elem. Braces Braces Braces Braces Braces Braces Braces Braces Col.
R (o) 0.1 1 5 10 20 33 5 50 5
B4X ( = 2% 2782 2763 2718 2699 2703 2724 2718 2760 3057
B4Y = 2% 1 2713 2693 2669 2661 2647 2658 2669 2711 2955
Fy 0.6 0.6 0.6 0.6 0.7 0.7 0.7 0.7
R(%/o) 0.1 1 5 10 0.1 1 5 10
B4Y ( = 2% 2440 2394 2347 2336 2524 2490 2450 2441
Fy 0.8 0.8 0.8 0.8 0.9 0.9 0.9 0.9
R(%/o) 0.1 1 5 10 0.1 1 5 10
B4Y ( = 2% 2604 2572 2537 2527 2663 2637 2611 2600
Fy 1.1 1.1 1.1 1.1 1.2 1.2 1.2 1.2
R(%/o) 0.1 1 5 10 0.1 1 5 10
B4Y ( = 2% 2755 2737 2717 2709 2792 2777 2761 2752
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I Analysis MS NDI
S=2% 3511 2369
B4Y =5% 2184 1546
T = 0.64 s =10% 1417 1069
T =15% 1079 856
= 20% 887 738
= 2% 3562 2827
B4Y = 5% 2212 1768
S= 0.55 s =10% 1412 1162
T =15% 1071 912
= 20% 892 783
=2% 3368 2815
B4Y =5% 2116 1826
S= 0.51 s = 10% 1373 1227
T =15% 1049 966
= 20% 878 827
S=2% 3163 2720
B4Y = 5% 2019 1755
T = 0.50 s =10% 1323 1169
T =15% 1025 924
= 20% 865 796
= 2% 2477 2338
B4Y = 5% 1689 1576
T = 0.47 s =10% 1201 1117
T =15% 968 908
= 20% , 837 794
Fy
R (%)
FK =
FK =
FK =
FK =
FK =
FK =
FK =
B4Y FK=
FK =
Fx =
FK =
FK =
FK =
FK =
FK =
FK =
0.25
0.25
0.5
0.5
0.75
0.75
1.
1
1.25
1.25
1.5
1.5
1.75
1.75
2
2
2%
10%
2%
10%
2%
10%
2%
10%
2%
10%
2%
10%
2%
10%
2%
10%
MS FK
MS 5
3486
1508
3441
1424
3593
1416
3163
1323
2384
1189
2413
1119
2354
1053
2398
1023
1784
979
2262
1047
2838
1162
2720
1169
2282
1111
2305
1072
2293
1029
2352
1009
FK 1
5/FK 5/FK
1841 3116
2281 2944
2838 3094
2720 2720
2278 2213
2304 2173
2292 2139
2354 2174
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MS NDII Analysis
= 2% 2766 2592
B4Y =5% 1818 1745
T = 0.46 s =10% 1233 1206
T =15% 977 963
= 20% 843 833
= 2% 2324 2240
B4Y =5% 1581 1513
T = 0.44 s 10% 1134 1081
T =15% 926 888
= 20% 814 787
= 2% 2404 2343
B4Y = 5% 1476 1450
T = 0.41 s 10% 1039 1021
T =15% 870 855
= 20% 782 771
= 2% 2399 2374
B4Y = 5% 1437 1427
T = 0.39 s 10% 1009 1001
T =15% 851 845
= 20% 1 769 764
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M3
Cy MS Elast. Plast. Elast. Elast. Elast.
R (%) MS 5 5 0.1 1 10
= 2% 2804 2361 2412 2398 2385 2355
= 5% 1643 1552
10% 1106 1097 1104 1109 1105 1093
M3X = 15% 906 907
= 20% 801 804 806 808 806 802
25% 735 737
= 30% 691 692 694 694 694 692
= 2% 3145 2674 2773 2695 2686 2676
= 5% 1958 1760
= 10% 1286 1202 1226 1208 1206 1202
M3Y ( = 15% 1007 962
= 20% 856 829 838 831 830 829
= 25% 765 749
= 30% 705 695 699 695 695 695
B3
R (o) MS 5 5 0.1 1 10
Braces fail? MS No Yes No No No
= 2% 2524 2208 2640 2219 2217 2200
= 5% 1500 1384 1592
= 10% 980 943 1030 948 946 941
B3X ( = 15% 821 801 848
= 20% 743 729 759 732 731 728
= 25% 698 688 709
30% 670 662 678 664 663 662
2% 2110 1872 2366 1870 1869 1886
= 5% 1304 1225 1484
= 10% 961 913 1030 918 916 915
B3Y ( = 15% 826 787 852
20% 752 721 759 725 724 721
= 25% 706 682 706
30% 677 658 672 660 660 657
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D3
Elem.
Braces fail?
MS All
MS No
Beams Col. Braces All
No No No Yes
S=2% 3195 2544 3182 2544
= 5% 1978 1802 1974 1802
0= 1 % 1339 1301 1336 1301
D3X = 15% 1061 1043 1060 1043
= 20% 898 889 897 889
= 25% 794 789 793 789
= 30% 724 720 723 720
S=2% 2111 1979 2096 1982 2516
S=5% 1281 1253 1548
0= 1% 925 902 1036
D3Y ( = 15% 799 773 843
= 20% 732 708 753
= 25% 691 671 699
= 30% 664 648 666
Fy MS
R (%) MS
0.5
0.1
0.5
5
0.5
10
1
0.1
1
1
1
10
2
0.1
2
5
2
10
D3X ( = 2% 3195 2467 2251 2210 2617 2596 2521 2888 2879 2878
D3Y (=2% 2111 1778 1782 1789 1994 1992 1979 2087 2077 2074
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D3V
FD I LDI 0.33 0.67 1 1.33 1.67 1
D3VX = 2+5% 1502 1476 1423 1410 1408 1408
CD30 kip = 2+15% 1039 1265 1125 1055 1016 
993
3 = 2+25% 853 1217 1082 988 923 881
Elem. LDI All All Dampers Dampers
Dampers fail? LDI No Yes No Yes
CD = 10 kipf 1197 1315 1599 1413 1746
CD = 15 kipf 1197 1244 1333 1647
CD = 20 kipf 1197 1201 1430 1288 1555
D3VX CD = 25 kipf 1197 1173 1260 1481
2+104 CD = 30 kipf 1197 1154 1320 1242 1421
CD = 35 kipf 1197 1141 1230 1375
CD = 40 kipf 1197 1133 1251 1222 1342
CD = 45 kipf 1197 1125 1214 1318
CD = 50 kipf 1197 1124 1199 1212 1295
CD = 10 kipf 933 1238 1570 1328 1702
D3VX CD =20 kipf 933 1097 1484 1171 1609
=2+20 CD = 30 kipf 933 1010 1349 1082 1456
CD = 40 kipf 933 957 1235 1031 1325
CD = 50 kipf 933 923 1157 1001 1232
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LDI MS All Frame DampersI Elem.
= 2+0.5% 2692 2690 2259
= 2+2.5% 1873 1846 1756 1714 1952
= 2+5% 1502 1444 1482 1408 1603
S=2+10% 1197 1086 1210 1120 1297
D3VX ( = 2+15% 1039 901 1065 971 1143
CD = = 2+20% 933 781 968 875 1042
= 2+25% 853 701 893 806 966
= 2+30% 791 645 831 754 902
= 2+40% 705 577 740 681 804
= 2+50% 649 540 679 633 733
LDI MS All Frame DampersIElem.
=2+0.5% 1744 1744 1664
S=2+3% 1146 1139 1130 1095 1173
= 2+5% 981 969 973 936 1004
=2+10% 815 786 807 775 830
D3VY =2+15% 749 708 741 719 760
CD 4 x 2+20%/ 714 666 703 691 722
= 2+25% 692 639 681 676 699
2+30% 678 619 669 665 683
= 2+40% 656 592 651 647 658
= 2+50% 642 575 635 632 641
I
Appendix D - Damage Assessment Results
FD LDI 0.3 0.6 1 1.4 1.8
= 2+5% 981 978 944 939 937 936
D3VY ( = 2+15% 749 833 771 739 728 725
CD = 100 kipf ( = 2+25% 692 786 736 704 685 681
= 2+30% 678 769 727 696 675 670
Elem. LDI All All Dampers Dampers
Dampers fail? LDI No Yes No Yes
CD = 30 kipf 815 873 1230 895 1289
D3VY D = 60 kipf 815 811 985 834 1027
2+100 CD = 100 kipf 815 787 849 816 892
CD = 140 kipf 815 783 804 811 840
CD = 180 kipf 815 780 793 810 821
CD = 30 kipf 714 805 822
CD = 60 kipf 714 748 1041 757 1080
CD = 80 kipf 714 730 939 740 974
D3VY CD 100 kipf 714 716 871 731 903
= 2+20% CD = 120 kipf 714 706 813 725 853
CD = 140 kipf 714 701 775 720 814
CD = 160 kipf 714 699 750 717 786
CD = 180 kipf 714 698 733 714 765
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